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ABSTRACT: Properly designed, constructed and maintained geosynthetic-reinforced soil (GRS) struc-
tures are much more cost-effective being much more seismic-resistant than conventional type embank-
ments and retaining walls (RWSs). These features of GRS structures are achieved by proper geosynthetic-
reinforcing of the backfill with structural integration of the components (i.e. backfill, reinforcement and
facing, and also a bridge girder with GRS integral bridges). The advantages of GRS structures become
more significant by better compaction, better drainage, better facing structure etc. as requested by relevant
seismic design. The construction of GRS structures in place of conventional type soil structures is pro-
moted by performing seismic design. On the other hand, some design codes allow no seismic stability
analysis under some broad conditions (referred as the no-seismic-design policy) based on such experienc-
es as “seismic performance better than expected” of soil structure under some limited conditions. These
experiences are due principally to redundancy (i.e. implicit safety margin) that is not specified in design.
Although the no-seismic-design policy relies on redundancy in design, redundancy decreases in an uncon-
trolled and random manner by poor design, poor construction and poor maintenance. Redundancy also
decreases by a decrease in apparent cohesion due to wetting of the backfill by heavy/prolonged rains,
scoring/excavation in the ground in front of wall, too fast deterioration of reinforcement etc. As a result,
the no-seismic-design policy does not contribute to a reduction of the number of failure/collapse but it in-
creases the possibility of failure/collapse by earthquakes as well as heavy/prolonged rains and floods. The
no-seismic-design policy tends to increase the residual deformation associated with a decrease in the sta-
bility. To realize actually sufficiently stable GRS structures, it is necessary to perform properly seismic
design while manifesting and controlling some relevant components of redundancy. An increase in the
cost by conducting relevant seismic design can be smaller but more valuable than the cost of fail-
ure/collapse. The total cost for construction and lifespan maintenance (i.e. the life cycle cost, LCC) of
properly seismic-designed GRS structure can be much lower than that of non-seismic-designed conven-
tional type soil structure. To explain the above, the latest seismic design code for railway soil structures in
Japan is described. Some recent typical case histories showing high seismic performance of GRS struc-
tures and efficient restoration of soil structures that collapsed by earthquakes to GRS structures are also
presented. After all, safety is not free but the cost of disaster is more significant, and GRS technology can
contribute to safety cost-effectively.
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1 INTRODUCTION

Our experiences, particular those since the 1995 Great Kobe Earthquake (i.e. the 1995 Hyogo-ken Nanbu
Earthquake), showed that properly designed, constructed and maintained geosynthetic-reinforced soil
(GRS) structures, in particular GRS retaining walls (RWs), are much more cost-effective while being
much more seismic-resistant than conventional soil structures (e.g. Tatsuoka et al., 1997a&b, 1998, 2007,
2014a; Koseki, 2012; Koseki, et al., 2006, 2007, 2008, 2009; Kuwano et al., 2012, 2014). It was learned
that relevant seismic design leads to better structure, better compaction, better drainage etc. then, it pro-
motes the use of GRS structures in place of conventional type soil structures. “Better structure” implies



not only proper geosynthetic-reinforcing of the backfill but also structural integration of the components
(i.e. backfill, reinforcement and facing, and also a bridge girder with GRS integral bridges).

On the other hand, many soil structures, including GRS RWs, “performed better than expected based
on the seismic stability evaluated in design”, or just “performed better than expected”, during many pre-
vious earthquakes. Based on such experiences as above, some design codes employ “no-seismic-design
policy” not requiring seismic analysis under some broad conditions. However, “performance better than
expected” of soil structures is due principally to the redundancy included in design (i.e. implicit safety
margin) (Leshchinsky & Tatsuoka, 2013). With GRS RWs, this redundancy is usually created by: 1) ig-
noring apparent cohesion due to matric suction of soil; 2) under-estimating the angle of internal friction of
soil; 3) ignoring toe resistance at the facing bottom; 4) underestimating the rupture strength of geosynthet-
ic reinforcement; and 5) others. However, the redundancy components 1) — 3) in particular are not speci-
fied in design codes, therefore they are not controlled and are random to be taken into account in design.
Poor design, poor construction and poor maintenance largely reduce redundancy. In that case, the total
safety margin may have become very small even under ordinary static conditions. Furthermore, this re-
dundancy also decreases by heavy/prolong rains, unexpected scouring/excavation in the ground in front
of wall and so on. As a result, even “seismic performance worse than expected based on the no-seismic
design policy” and “seismic performance worse than expected based on a calculated safety factor” may
be observed. That is, the no-seismic design policy relying on redundancy is not reliable. As the no-
seismic-design policy reduces the calculated safety factor (i.e. explicit safety margin), it reduces the actu-
al safety factor when compared with the values when relevant seismic design is performed. As a result,
the number of such failure/collapse as have been observed during many previous earthquakes will in-
crease. Besides, this policy increases the residual deformation associated with a decrease in the stability.
In any case, this policy does not promote the use of GRS structures (including GRS RWs) as more cost-
effective and more seismic-resistant soil structures than conventional type soil structures.

An increase in the cost by relevant seismic design can be smaller but more valuable than the cost of
failure/collapse. The total cost for construction and maintenance for lifespan (i.e. the life cycle cost, LCC)
of properly seismic-designed GRS structures can be much lower than that of non-seismic-designed con-
ventional type soil structures. An increase in the design load by employing relevant seismic design can be
compensated by explicitly taking into account some relevant redundancy components in seismic design.
As a result, actually stable GRS structures are realized cost-effectively, although this procedure reduces
the redundancy.

These issues are discussed based on recent case histories and some stability analysis in this report.
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Figure 2-1. Typical gravity type unreinforced concrete RWs (without a pile foundation) that collapsed during the 1995 Great

Kobe Earthquake, Ishiyagawa Station, Hanshin Railway (Tatsuoka et al., 1996, 1997a & b, 1998): a) a sketch of typical sec-
tion; and b) & c) typical damaged sections on the opposite sides of the embankment.



Noise barrier

, =
Cap .
concrete

2.0

10.8

E_Temporary H-shaped
?klsteel pipe

45

SPT blow count

s K
-] \ HH
Geogrid i
(T= 30 kN/m) T

Figure 2-2. A GRS RW having FHR facing at Tanata, Kobe city (Tatsuoka et al., 1996, 1997a & b, 1998): a) a typical cross-
section (H=4.5 m + 0.8 m=5.3 m); and b), c) & d) views of the wall one week after the earthquake.

2 DIFFERENT SEISMIC PERFORMANCES OF DIFFERENT SOIL STRUCTURE TYPES

2.1 High Seismic Performance of GRS RWs

It has been observed during recent earthquakes, in particular those in Japan, that the seismic performance
of GRS structures are generally better than conventional type soil structures. For example, a number of
conventional type RWs collapsed during the 1995 Great Kobe Earthquake. Fig. 2-1 shows a typical col-
lapsed gravity type RW. The wall was seismic-designed and constructed about 85 years ago. Pseudo-
static seismic analysis using a design horizontal seismic coefficient, (kn)q, equal to 0.2 was performed
with a required minimum safety factor equal to 1.5. This and other many similar walls collapsed by seis-
mic loads much higher than the design value, as expected based on the stability analysis. In contrast, sev-
eral GRS RWs with full-height rigid (FHR) facing performed very well during this earthquake. With the
GRS RW at Tanata (Fig. 2-2), the wall height is varying along a total length of 305 m with a largest
height equal to 6 m. This wall was constructed in 1992, so it was designed before the 1995 Great Kobe
Earthquake based on the pseudo-static limit equilibrium stability analysis using (kn)s= 0.2 (Horii et al.,
1994). The required minimum overall safety factor, (Fs)cs, was equal to 1.5, thus the required minimum
yield kn value at which (Fs)cs became unity was equal to 0.2x1.5= 0.3. This safety factor comprised a
safety factor equal to 1.25 for the global structural equilibrium times a safety factor for the tensile rupture
failure of geogrid equal to 1.25 (i.e. 1.25 x 1.25= 1.5). At Higashi Nada located only about 2 km west
from the site, the peak horizontal ground acceleration, amax, estimated from recorded velocities was as
high as more than 775 cm/sec? in EW and 421 cm/sec?® in NS, which are considerably higher than the
yield kn value required in design (= 0.3)* times g (= 980 gal). Damage to the wooden houses in front of
the wall was extremely serious (Figs. 2-2b &c). Despite the above, Tanata wall did not collapse. The tall-
est section of the wall with a height of 6 m, in contact with a box culvert structure, exhibited lateral out-
wards displacements of 26 cm at the top and 10 cm at the bottom (Fig. 2-2d). Associated with this wall
movement/deformation, the railway track located above the reinforced backfill zone settled down with a



maximum of about 15 cm, which is close to the allowable limit of settlement equal to 20 cm required for
this RW (supporting ballasted tracks of an important railway): i.e. rank Il performance) according to the
current seismic design code (explained later). Immediately after the earthquake, the tallest section of the
wall for a length of about 8.5 m was reinforced by installing several anchors at the top. With no increase
in the deformation/displacement afterwards, the wall has been used without any problem until today. This
“seismic performance better than expected” for seismic loads much higher than assumed in design is due
likely to a sufficient amount of redundancy (i.e. implicit safety margin) included in the original seismic
design.
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Figure 2-3. High performance of GRS RWs with FHR facing for railways, including those for high-speed trains, constructed
before the 2011 Great East Japan Earthquake (Tatsuoka et al., 2012a&b, 2014a).

Largely different seismic performances of these two types of RW designed based on the same stability
analysis method using the same (kn)q (= 0.2) and the same minimum required overall safety factor (= 1.5)
shown above and other similar cases reported in Tatsuoka et al. (1998) indicate that the redundancy is dif-
ferent among different RW types, larger with GRS RW having FHR facing than with the conventional
cantilever RWs. A high seismic stability of GRS RWs of this type was re-confirmed by their high per-
formance during the 2011 Great East Japan Earthquake (i.e. the 2011 off Pacific Coast of Tohoku Earth-
quake) (Fig. 2-3).

a) |y - .
Figure 2-4. a) No damage to a GRS RW; and b) collapse of embankment, Yamamoto-cho, Miyagi Prefecture, the 2011
Great East Japan Earthquake (Miyata, 2014).

Fig. 2-4a shows another example of high seismic performance of GRS RW during this earthquake. A
5.4 m-high GRS RW with wire mesh facing exhibited no damage. This wall was constructed to repair res-
idential embankment that had previously failed due to heavy rain. On the other hand, conventional em-
bankment (without reinforcement) adjacent to the GRS RW collapsed (Fig. 2-4b). Essentially the same
strong seismic motion having the JMA (Japan Meteorological Agency) seismic intensity of 6 lower
seemed to have been acted on these soil structures (Miyata, 2014).

Based on these and other similar experiences, a number of conventional type RWs and embankments
that collapsed during the 1995 Great Kobe Earthquake, the 2011 Great East Japan Earthquake and others
in between them, as well as those that collapsed by heavy rains, floods and ocean wave actions during a



typhoon, were reconstructed to GRS RWs, including those having FHR facing (Tatsuoka et al., 2007,
2012a & b; Tatsuoka, 2008).

2.2 Performance Better than Expected

During the 1995 Great Kobe Earthquake, the GRS RWs having FHR facing at Tanata and other places
survived seismic loads significantly higher than the one used in their original design. This good perfor-
mance is due to the safety margin consisting of: 1) explicit safety margin equal to “the calculated overall
safety factor against Level 1 seismic load, (Fs)cs” — 1.0, where the required minimum value of (Fs)cs was

1.5; and 2) implicit safety margin (i.e. redundancy ignored in their design). The “seismic performance

better than expected based on a calculated safety factor” of these walls can be attributed to the following

redundancy components among others (Tatsuoka et al., 1998):

1) The design friction angle ¢ for the backfill (a well-graded sandy soil) was a default value, equal to 35°.
As seen from Fig. 2-5c, this ¢ value corresponds approximately to a degree of compaction D, (standard
Proctor) equal to 90 %, which was the allowable lower limit for all measured values in field compac-
tion control with these GRS RWSs. The average of actual D¢ values of the backfill should have been
higher, at least by about 5 % (Tatsuoka, 2011). Tatsuoka et al. (1998) inferred ¢= 42° with c=0 as a
more realistic peak value in this case.
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Figure 2-5. a) Grading curves; b) compaction curves; and ¢) peak friction angle ¢ peax =arcsin{(c1-63)/ (61703)}peak from
drained triaxial compression tests at o3= 50 kPa of sandy and gravelly soils compacted at the optimum water content,
plotted against the degree of compaction defined for standard Proctor (1Ec) (saturated specimens); and d) modified
Proctor (4.5Ec) (saturated & moist specimens) (Tatsuoka, 2011).

2) As seen from Fig. 2-5d, the drained ¢ peak Value of gravelly soils moist as when compacted during
shearing becomes higher than the one of saturated soils with an increase in Dc. This difference is due to
an apparent cohesion by matric suction. The effect of apparent cohesion on the stability of Tanata wall
during the 1995 Great Kobe Earthquake may not be negligible, because there had been no major rain-
fall at the site for a long period by the time of the earthquake, while the backfill was a well-graded
sandy soil with a fines content of about 9 %. In the design of Tanata wall, however, the apparent cohe-
sion was ignored following the standard practice.



3) Toe resistance was ignored in the design considering that the ground in front of the toe could be exca-
vated in the future. Actually, it was the case with Tanata wall (see Fig. 2-2b): i.e. it is likely that, some-
time before the earthquake, the pavement in front of the wall was cut along two lines in parallel to the
wall to excavate the ground for some underground work.

Not only with these walls, but also generally, these redundancy components are not documented in design

codes, therefore their implications are not well recognized. As a result, they are not controlled in design

and construction, therefore their contribution is random.

b) e MEOTE
Figure 2-6. Large opening at a vertical construction joint; and b) cracks on the crest of backfill of a Terre Armée wall
for Hoshiga-oka Park, Kobe City, during the 1995 Great Kobe Earthquake (JTAA, 1995; Tatsuoka et al., 1997b).
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Figure 2-7. Collapse of a modular block GRS RW in Taiwan durlng the 1999 ChiChi Earthquake a) typical cross-
section; b) overview; c) a large vertical spacing between geogrid layers; d) weak connection strength; and e) short

connection pins.

2.3 Failure and Collapse of MSE RWs by Earthquakes

Many conventional type RWs and mechanically stabilized earth (MSE) RWs including GRS RWs did not
fail/collapse, like Tanata wall, did not fail/collapse having “performed better than expected” during many
previous earthquakes. Based on such experiences as above obtained under some limited conditions, some
design codes do not require stability analysis of RW under some broad conditions: i.e. with RWs with a
height equal to, or smaller than, 8 m (Japan Road Association, 2012); and with RWs at sites where the
site-adjusted peak horizontal ground acceleration, omax, is less than, or equal to, 0.4 g (AASHTO, 2010 &
2012). Of course, these codes do not expect that RWs designed following this policy fail/collapse by
seismic loading. Road Embankment Design Guideline (Japan Road Association, 2010) does not require
seismic stability analysis with road embankments carefully designed under static conditions and properly
constructed (in particular in terms of drainage and backfill compaction) if effects of failure/collapse are
judged to be not very serious. It is also specified that, in case seismic stability analysis is required, the
stability against Level 2 design seismic load, which is severe as experienced during the 1995 Great Kobe



Earthquake) is not required if the stability against Level 1 seismic load (which is the same level as have
been used in the conventional seismic design) is ensured.

However, not only many embankments and conventional type RWs (as typically shown in Fig. 2-1) but
also many mechanically stabilized earth (MSE) RWs, including GRS RWs, failed/collapsed during recent
major earthquakes as described below. Such a no-seismic-design policy as described above do not con-
tribute to a reduction of such failure/collapse of RWs, while it is questionable whether the cost saving by
not carrying out seismic design is larger than the cost of failure/collapse in terms of not only restoration
but also negative social impact.

Fig. 2-6 shows one of the several Terre Armeée walls that exhibited large deformation during the 1995
Great Kobe Earthquake. Although the walls did not collapse, it is likely that if the facing had been FHR
facing as Tanata wall, this type of failure would not have taken place. Fig. 2-7 shows collapse of a GRS
RW having modular block facing during the 1999 Chi-Chi Earthquake in Taiwan. It is likely that this col-
lapse was triggered by collapse of the facing caused by a too large vertical spacing between the vertically
adjacent geogrid layers (i.e. 80 cm) with too many (i.e. four) modulus blocks in between, too short con-
nection pins between the blocks and too small connection strength of geogrid, as a result of design not
taking into account the earth pressure acting on the facing that increases by seismic loads. Koseki and
Hayano (2000) reported that the damage level of similar type GRS RWSs in Taiwan during this earthquake
decreased with a decrease in the vertical spacing between geogrid layers (i.e. with a decrease in the num-
ber of modular blocks between the vertically adjacent geogrid layers).
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Figure 2-8. Large deformation of discrete panel facing, lwate Prefecture during the 2008 Iwate-Miyagi Nairiku Earth
quake; a) Terre Armée RW, Isawa, Iwate Prefecture; and b) GRS RW (Wang et al. 2011).

Fig. 2-8a shows large deformation/displacement of the discrete panel facing of a temporary Terre
Armée RW with a maximum height of 14 m constructed as part of a sieving plant of the fill material for
construction of a rockfill dam. The backfill was gravelly soil (Dmax < 150 mm) and the length of metal
strip reinforcement was 7 — 10.5 m. The wall was seismic-designed using (kn)s= 0.15 and ¢= 30°. The
maximum horizontal acceleration on the ground at sites around the dam far exceeded 1,000 gal (cm/sec?).
An adjacent RC cantilever RW displaced laterally by sliding for a distance of 80 — 100 cm, while the
Terre Armée wall displaced more by about 50 cm. An opening was developed between the facing of the
Terre Armée wall and the RC cantilever RW likely associated with pull-out of metal strips at lower levels
of the wall. The backfill flowed out from the opening. It seems that the redundancy in design by using a
low ¢ value and others is not sufficient to resist seismic loads far exceeding the design value. It is likely
that the damage would have been severer if seismic design had not been carried out.

Fig. 2-8b also shows large deformation/displacement of the discrete panel facing of a GRS RW during
the same earthquake (Wang et al., 2011). The wall was constructed as an approach to a bridge abutment
with a maximum height of 10.6 m and a total length of 47.5 m at a distance of only about 4.5 km north-
east from the epicenter. According to its design and construction manual (Committee for Double-Facing
GRS RW, 2010), the external discrete panel facing is not a structural component contributing to the sta-
bility of the wall. So, the facing and its connection to the geogrid reinforcement were not designed to re-
sist the earth pressure acting on the main body of the GRS RW having internal expanded metal facing.
Despite that the main body was rather stable, the discrete panel facing exhibited relatively large lateral



outward displacements of 17 cm at a maximum being separated from the main body of GRS RW. Poorly
graded gravel that was filling the space between the discrete panel facing and the main body as a drainage
layer flowed out from an opening that developed between the facing and the RC abutment. Although the
main body “performed better than expected”, the discrete panel facing did not behave so, showing that
the redundancy was not sufficient in this case. Wang et al. (2011) considered that this level of damage
was acceptable, as the restoration of the facing was easier than the case where the facing is integrated to
the main body of GRS RW. However, it is arguable whether the cost saving by adopting this facing struc-
ture is larger than the cost of such damage as above. This type of damage would not have taken place if
the facing had been designed to resist the seismic earth pressure and firmly connected to the reinforce-
ment layers. Besides, it is likely that the additional cost by adopting such a facing structure as above is
smaller and more valuable than the cost of such damage as above.

a) : ‘
Figure 2-9. Performance at ultimate limit state during the 2011 Great East Japan Earthquake: a) GRS RW (Kaneko &
Kumagai, 2011); and b) Terre Armée RW (Japan Terre Armée Association, 2011).

During the 2011 Great East Japan Earthquake, MSE RWs performed generally very well. However,
several failed/collapsed at different levels. Fig. 2-9a shows collapse of a 5 m-high GRS RW with expand-
ed metal mesh facing. Not only internal slip but also connection failure was observed. This damage state
was classified into the “ultimate limit state” (Kuwano et al., 2012, 2014). The estimated seismic JMA in-
tensity at this site was 6 lower and the equivalent ground acceleration estimated for a period of 0.5 sec
was 300 gal (i.e. cm/sec?). This omax Value is lower than 0.4g, below which no seismic stability analysis is
required according to AASHTO (2010 & 2012). The site investigation indicated that this collapse was
caused by a high ground water level in the backfill, which is due likely to the lack of a proper drainage
system. Such a GRS RW wall as above would not have been designed and constructed if serious seismic
design had been performed.

Fig. 2-9b shows collapse of a 10 m-high Terre Armée RW, triggered by horizontal sliding for a dis-
tance of 7 m in the foundation slope of soft soil caused by seismic motion. The estimated JMA seismic in-
tensity at this site was 6 lower and the equivalent peak horizontal ground acceleration, omax, Was about
300 gal (cm/sec?) (Kuwano et al., 2012, 2014). The site investigation revealed that this slip failure in the
subsoil layer occurred due to insufficiently improvement. Adequate ground improvement would have
been carried out if the wall had been properly seismic-designed.

At the time of the earthquake, a new expressway was just under construction near the Pacific coastline
in Fukushima Prefecture. Several GRS RWs with wire mesh facing had been completed as wing RWs for
approach embankments to bridge abutments. Fig. 2-10a shows damage to a 5.4-m high GRS RW. Con-
siderable deformation/displacement of the wall produced a large gap between the wall and a RC bridge
abutment. This damage was classified into the “restorability limit state” damage, although the defor-
mation of the facing was more than the allowable serviceability limit (Kuwano et al., 2012, 2014). The es-
timated JMA seismic intensity was 6 lower at this location and the equivalent peak ground acceleration
was 300 gal (cm/sec?). The site investigation revealed that this damage could be attributed to a high fines
content of the fill material and a very high water level in the backfill. Fig. 2-10b shows a similar case as
above. As the deformation of the facing was at its allowable serviceability limit, the damage of the wall
was ranked as the “serviceability limit state” and the wall was repaired by using nailing, soil cement and
vegetation. Fig. 2-10c shows typical buckling type deformation of the wire mesh facing, which may have
been induced by an increase in the vertical force in the facing and/or vertical compression of the backfill



immediately behind the wall face by seismic effects. It seems that the damage described above would
have not taken place if a more stable facing system firmly connected to the reinforcement layers had been
used ensuring its sufficient seismic stability.

The GRS RWs having FHR rigid facing that performed very well during severe earthquakes as de-
scribed in Section 2.1 had been seriously seismic-designed. Most MSE RWs also performed satisfactori-
ly. It seems therefore that most of such failure/collapse of MSE RWs as described above would not have
taken place if better facing structure, better drainage, better backfill compaction and other relevant
measures had been employed. These measures are required by proper seismic design more seriously than
when following the no-seismic design policy. Additional cost of these measures is usually lower and
more valuable than the cost of failure/collapse.
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Figure 2-10. Performance of GRS RW with wire mesh facing at: a) restorability limit state; b) serviceability limit state;
and; c) overall picture and d) zoom-up of buckling deformation of metal mesh facing of GRS RW for a wing of a
bridge abutment of an expressway (under construction) in Minami-Soma, Fukushima Prefecture (Kuwano et al., 2014).

3 SEISMIC DESIGN OF RETAINING WALLS

3.1 Opposite Directions

Since the 1955 Great Kobe Earthquake, different policies in two opposite directions, “leveling up of de-
sign seismic load” versus “no change in the design seismic load or maintaining of no-seismic-design poli-
cy”, in the design of soil structures including MRE/GRS RWs have been employed by different sectors. It
seems that, after the 2011 Great East Japan Earthquake, the implications of this separation have become
more significant.

3.1.1 Leveling up of Design Seismic Load

The design seismic load for civil engineering RC/metal structures has been leveled up to such a high level
as experienced during the 1955 Great Kobe Earthquake (i.e. Level 2 design seismic load). This trend has
been much slower with soil structures although steady. With railway soil structures, this policy was taken
ahead of others and its execution promoted the use of GRS structures in place of conventional type soil
structures. This is because the advantage of higher cost-effectiveness (i.e. higher performance at a lower
LCC) of GRS structures over conventional type soil structures becomes more obvious with an increase in
the design seismic load. That is, GRS structures can be designed against Level 2 seismic load at a lower
construction cost than conventional type soil structure, while the maintenance cost decreases due to a sub-
stantial decrease in the residual deformation (in particular bumps immediately behind bridge abutments



and box culverts) as a result of an increase in the stability by seismic design (e.g. Tatsuoka et al., 2014a,
b; Yonezawa et al., 2014). This leveling up policy with soil structures has been enhanced by serious dam-
age to numerous soil structures in a wide area giving a strong negative impact to the society during the
2011 Great East Japan Earthquake (e.g. a serious delay in rescuing and evacuation) and after.

3.1.2 No-Seismic-Design Policy

The opinion supporting the traditional no-seismic-design policy not requiring seismic stability analysis

under rather broad conditions with soil structures, or the weak-seismic-design policy not increasing the

design seismic load from a traditional lower value to a more realistic higher value, has been strong. The
following is typical justifications for this policy:

a) Effects of failure/collapse of soil structures by seismic loading is generally not serious and restoration
of failed/collapsed soil structures is relatively easy in terms of cost and time when compared with
RCl/steel structures.

b) There are too many soil structures to deal with, so the seismic design of all soil structures is financially
not affordable.

c) Seismic design by stability analysis is too complicated with soil structures and soil properties are very
complicated and very difficult to identify due to a large variety and variation.

Based on these justifications, some civil engineers still support the no-seismic-design-policy that al-
lows failure/collapse of soil structures by seismic loading while not relying on redundancy and not ex-
pecting “performance better than expected based on the seismic stability evaluated in design”. They con-
sider that the total cost of failure/collapse in terms of negative impact to the society and restoration of
failed/collapsed soil structures is lower than the total cost of seismic design. However, such a policy as
this is not recommended nor specified in any design code, as far as the authors know. Besides, these justi-
fications are now not always relevant, in particular with important large-scale soil structures. Therefore,
this policy is not discussed anymore in this report. If failure/collapse of soil structures by seismic loading
is to be avoided as much as possible, the no-seismic-design policy is difficult to be justified and perplex-
ing, in particular to practicing engineers, as argued below:

Firstly, this policy is a sort of ‘empiricism’. In the design codes adopting this policy, it is often men-
tioned that there are some experiences of “no failure/collapse of soil structures that were not seismic-
designed”. However, these experiences were obtained under limited conditions, therefore they cannot be
generalized to other broader conditions (in terms of ground conditions, wall dimensions, backfill condi-
tions, construction details and so on) than those under which the “performance better than expected” was
observed. Despite the above, this empirical no-seismic-design policy tends to expel rational design by
stability analysis based on statics and dynamics that can be applicable to general conditions. Besides, this
policy is inconsistent with the ordinary design of RC/metal civil engineering structures. Then, civil engi-
neers in charge of a given construction project, typically structure engineers, tend to adopt RC/metal
structures avoiding soil structures (e.g. embankments with RWs).

Secondly, logical justifications of the no-seismic-design policy for soil structures aiming at ultimately
reducing their failure/collapse by seismic loading are usually not provided. In this respect, a calculated
safety factor is introduced in static design to accommodate uncertainties in the design factors other than
seismic loads (i.e. soil strength, dimensions, static loads, boundary conditions ...). This safety margin is
not prepared for seismic loading. Rather, the experiences of “performance better than expected based on
a calculated safety factor” should be attributed to implicit safety margin by redundancy. However, this
redundancy is not controlled and is random, therefore it is not reliable. In addition, the no-seismic-design
policy decreases the safety margin directly by reducing the explicit safety margin (i.e. calculated safety
factor) and indirectly by reducing the implicit safety margin (i.e. a reduction of redundancy) associated
with less serious design and construction than when seismic-designed. This results in a global decrease in
the stability of soil structures, which generally increases failure/collapse by seismic loading. In fact, a
number of soil structures, including MSE RWs, failed/collapsed during many previous earthquakes, due
likely to a low level of seismic stability resulting from no seismic design or no serious seismic design
(e.g. Tatsuoka et al., 1997b; 1998; Koseki et al., 2006, 2007, 2008, 2009; Koseki, 2012; Kuwano et al.,
2012, 2014).

Thirdly, the no-seismic-design policy tends to introduce an unnatural discontinuity in design: e.g. no
seismic design for a/g= 0.39 versus seismic design for a/g= 0.41; and no seismic design for H= 7.9 m ver-
sus seismic design for H=8.1 m.

Fourthly, the seismic design of soil structure is much more complicated and difficult to validate than
that of industrial products. This is because, although design conditions of extreme events (i.e. severe
earthquakes, heavy/prolonged rainfalls, floods etc.) tend to determine structural design, their occurrence



Is rare or very rare during a long design lifespan, typically 100 years. Moreover, the stress-strain and hy-
draulic properties of soil could be largely different due to different degrees of saturation and drainage
among compaction conditions, ordinary conditions and extreme conditions, particularly with soils includ-
ing a large fines content. It is feasible to evaluate the soil properties immediately after compaction and
under ordinary conditions. On the other hand, those under extreme conditions are very difficult to evalu-
ate. Typically, the apparent cohesion, ¢, which has significant effects on the stability of soil structure, may
decrease to an uncertain extent or disappear by heavy/prolonged rains. So, usually c= 0 is assumed in
both static and seismic design. Actual situations of several other factors, such as compaction efforts and
changes in the boundary conditions by, for example, erosion or excavation in the ground in front of the
wall, in the future are also quite uncertain, so they are assumed conservatively. Despite these difficulties,
relevant seismic design aiming at reducing failure/collapse of soil structures by seismic loading, as well
as by heavy/prolonged rains and floods, is necessary and quite feasible, as shown below.

3.2 Redundancy as Implicit Safety Margin

3.2.1 Implications of Redundancy in Design for Actual Performance

“Performance better than expected” exhibited by not only GRS RWs (typically Tanata wall), but also
many conventional type embankments and RWSs should be explained by implicit safety margin (i.e. re-
dundancy in design). As analyzed below, the redundancy in design can contribute significantly to the ac-
tual stability of RWs if it is actually available. In Chapter 4, it is argued that the actual seismic stability of
soil structure can be improved cost-effectively by increasing the seismic design load to a more realistic
higher value (e.g. from zero to a certain value in the case of previous no-seismic design; or from an un-
der-estimated value to a more realistic higher value), while manifesting (i.e. explicitly specifying) some
redundancy components (not all) in design.
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Figure 3-1. Implications of redundancy when seismic design is carried out.

Fig. 3-1 illustrates the implications of redundancy for actual performance of soil structures including
GRS RWs when seismic design is carried out. It is considered that the approach using the safety factor in
terms of the allowable limit state design, as shown in this figure, is more straightforward and tangible
than dealing with load and resistance factors. In this figure, the design seismic load is expressed by the
horizontal seismic coefficient, (kn)d. (Fs)c.s denotes the calculated overall safety factor in the seismic de-
sign. The value “(Fs)cs — 1.0” is the nominal explicit safety margin in this seismic design. (Fs)as is the ac-
tual overall safety factor for the seismic load, (kn)d. (Fs)as is unknown, unlike (Fs)cs, and it scatters for the
same value of (Fs)cs among different soil structures. This is because the difference between (Fs)as and
(Fs)cs Is due to redundancy, which is usually uncontrolled and unknown.

As indicated by a solid curve, the calculated overall safety factor, (Fs)c, for a given value of (Fs)csin-
creases with a decrease in kn and becomes (Fs)co when kn= 0 (i.e. static conditions). The redundancy de-
fined as “(Fs)a - (Fs)c” may vary with kn and becomes “(Fs)ao - (Fs)co When kn= 0. The redundancy with
GRS RWs that results from several conservatisms are discussed below. The broken curve in Fig. 3-1 de-
notes the [(Fs)a]ave Versus ki relation, where [(Fs)a]ave IS the average of (Fs)a. The average total safety mar-



gin is equal to “[(Fs)a]ave — 1.0”, which comprises: 1) the explicit part “(Fs)c — 1.0”; and 2) the implicit part
“[(Fs)aJave — (Fs)c”. Due to the total safety margin, (Fs)a — 1.0, Tanata wall survived Level 2 seismic load
despite that the wall was designed against Level 1 seismic load.
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Figure 3-2. Implications of no-seismic-design policy.

Fig. 3-2 illustrates the implications of no-seismic-design policy. Although the actual safety factor, (Fs)a,
decreases with an increase in kn, due to the safety margin in static design, (Fs)ao -1.0, the value of (Fs)as is
maintained higher than unity and some non-seismic-designed soil structures (including GRS RWSs) can
survive until kn becomes a certain value. However, this approach cannot be recommended, in particular
with important soil structures, as this is not reliable for the following reasons. Firstly, when following this
policy, the explicit safety margin by calculated safety factor, (Fs)c, becomes definitely smaller than when
performing seismic design (Fig. 3-1). Then, under otherwise the same conditions, the value of ki at which
(Fs)a becomes unity becomes smaller than when seismic-designed. Secondly, due to positive redundancy
included in design, the actual overall safety factor under static conditions, (Fs)a.o0, becomes larger than the
calculated overall safety factor in static design, (Fs)c.o. The no-seismic-design policy relies on the redun-
dancy, (Fs)a - (Fs)c. However, this redundancy is not controlled and is random among different soil struc-
tures. Inadequate or improper design and construction (i.e. poor drainage, poor compaction, poor facing
structure with poor connection, poor treatment of weak supporting ground, inadequate arrangement of re-
inforcement etc.) may have decreased substantially the redundancy. Besides, the actual safety factor,
(Fs)a, may also drop by a drop in the redundancy during extreme events other than earthquakes (i.e.
heavy/prolonged rains, unexpected souring/excavation & loading etc.) sometime during its lifespan. Then,
failure/collapse may take place under not only seismic conditions but also non-seismic conditions, as seen
from the examples presented below.

Fig. 3-3 shows a collapse in August 2001 of a Terre Armée wall constructed to retain embankment in a
valley for an approach road to an irrigation dam. The wall was completed in February 2001, a half year
before the collapse. The wall was supported by a relatively stiff subsoil with the foundation of the facing
on a rock layer. Although the backfill was on-site clayey soil including gravel particles and the wall was
constructed in a water-collecting place, no drainage was provided. After a rainy season in June and July,
excessive deformation of the wall face with cracks in many panels (finally 50 panels) was noticed. After
the crest of the backfill immediately behind the facing had settled down about 50 cm and the facing had
been pushed out about 10 cm at a maximum, the wall collapsed during rehabilitation works. It seems that
pull-out failure of some metal reinforcement strips took place, which developed an active wedge (Fig. 3-
3c). Downward displacements of the active wedge relative to the facing sheared off the connection be-
tween the reinforcement and the facing at a limited number of panels (Fig. 3-3d). The falling-off of sever-
al panels due to this connection failure destabilized many panels located above, which ultimately resulted
in a large-scaled collapse of the wall. This failure/collapse mechanism is similar to the one observed with
four Terre Armée walls in eastern Tennessee reported by Lee et al. (1994). It is likely that the degree of
saturation in the backfill had been high by the time of collapse due to preceding prolonged raining, a low
permeability of the backfill and no internal drainage despite construction in a water-collecting place. Up-
on excavation after the collapse, the backfill could stand for a large height without support, due likely to
apparent cohesion that developed by drying associated with excavation (Fig. 3-3c).
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Figure 3-3. Collapse of a Terre Armée RW for an approach road to an irrigation dam in Aomori Prefecture, August 2001
(constructed February 2001): a) overview; b) front view; c) excavated cross-section; and d) typical sheared-off connection.

Fig.3-4 shows a more drastic collapse of Terre Armée wall caused by heavy rainfall associated with
typhoon No. 23 in October 2004. The wall was completed in 2000, four years before the collapse. The
wall was double-tiered with a total height of 23 m. There was no adequate internal drainage in the fine-
grained backfill, in particular no drainage crossing the backfill to collect and drain surface water from be-
hind and both sides of the wall. Redundancy due to apparent cohesion disguised the lack of proper drain-
age for four years holding the wall system stable. When heavy rainfall occurred as should have been ex-
pected during the lifespan of this wall, it is likely that the apparent cohesion vanished and positive pore
water pressure developed resulting in collapse. A high degree of saturation of the backfill at the time of
collapse can be seen from flow failure for a long distance of the backfill (Fig. 3-4b).

a) PN, b) e A s
Figure 3-4. Collapse by heavy rainfall in 2004 of Terre Armée wall for a local road lacking proper drainage, Yabu City, Hy-
ogo Prefecture (Shibuya, et al., 2007): a) remaining part of the lower tier: and b) a view from downstream.

Koerner et al. (2013) reported 171 collapse cases of GRS RWs since 1987. 134 cases were in North
America. The largest number of failures 71 (42 %) were from 1 to 2 years after construction. The major
failure mode is excessive deformation of wall face, many associated with the connection failure. They felt
the primary causes of the failures to be inadequate or improper design and/or construction (i.e. poor
drainage and poor compaction of fine grained soil). Interestingly, there are no cases involving inadequate
or improper manufactured geotextile or geogrid products. Valentine (2013) also reported 45 GRS struc-



tures that performed poorly to the point that it no longer satisfied the requirements of the owner. Con-
sistent with Koerner et al. (2013), the two major causes of failure he found are poor drainage and the use
of fine grained soil that was poorly compacted.

In these and other failure/collapse cases of GRS structures, the redundancy under ordinary static condi-
tions should have been insufficient, not prepared for extreme events of not only earthquakes but also
heavy/prolonged rains, unexpected excavation and external loading etc. These cases indicate that the no-
seismic-design-policy relying on redundancy is not reliable, because redundancy is not reliable as it is not
controlled and is random.

3.2.2 Components of Redundancy (Summary)
The major redundancy components with GRS RWSs (or more generally, with soil structures) that are usu-
ally implicitly included in design and can explain “seismic performance better than expected based on a
calculated safety factor” are summarized below:
1) Under-estimation of soil shear strength by:
1a) ignoring apparent cohesion due to matric suction, c, prepared for insufficient drainage during
heavy/prolonged rainfalls and/or abundant ground and surface water supply; and
1b) under-estimating the friction angle ¢ (with c= 0), prepared for insufficient compaction.
2) Under-estimating the rupture strength of geosynthetic reinforcement by:
2a) the use of creep reduction factor to obtain the design tensile strength assuming that creep takes place
by design sustained load that is substantially higher than actual sustained load; and
2b) the use of multiple correction factors, assuming conservatively that all negative phenomena take
place consecutively at any places;
3) Ignoring toe resistance, prepared for unexpected ground excavation and scoring in front of the wall.
4) Under-estimating positive dynamic effects due to ductility in pseudo-static analysis (if relevant).
5) Under-estimating the contribution of facing rigidity to wall stability (if relevant).
6) Positive 3D effects against 2D approximation in stability analysis.
7) Others.

Significant redundancy is created by ignoring some or all of these components in design if they are ac-
tually available as a result of, in particular good drainage, the use of drainable backfill, good compaction,
a sufficient toe depth, the use of rigid facing etc. However, most of these redundancy components is usu-
ally not well recognized and, as a result, the importance of these good practices to achieve sufficient wall
stability is often overlooked. In the following, these redundancy components are discussed separately.

3.3 Soil Shear Strength

3.3.1 Apparent Cohesion

Apparent cohesion resulting from the intercept produced by fitting a linear Mohr-Coulomb failure enve-
lope to a curved failure envelope is herein out of the scope. In some previous earthquakes, typically the
1968 Tokachi-Oki Earthquake (e.g. Ikehara, 1970; Yoshimi, 1970); and the 2004 Niigata-ken Chuetsu
Earthquake (e.g. Tatsuoka et al., 2006), the damage to soil structures was amplified likely by a loss of ap-
parent cohesion due to a heavy rain immediately before the respective earthquakes. Another example is
collapse of embankment at a water collecting place between Yoshida and Sagara-Makinogahara for one
of the busiest highways in Japan (Tomei), opened in 1968. The collapse took place on 11 August 2009 by
a small-scaled earthquake in Shizuoka Prefecture. It is likely that the backfill of crushed sedimentary
softrock had been deteriorated by slaking due to effects of ground water for a long period since its con-
struction (Express Highway Research Foundation, 2014). Besides, the precipitation one day before the
collapse was 55 mm by an effect of a typhoon, while the precipitation on the day of collapse was 13 mm.
The lane toward Tokyo was closed for five days, giving a serious social impact.

The use of c= 0 and y= ysat in seismic design is particularly relevant with walls of which the degree of
saturation in the backfill is always kept high due to insufficient drainage despite construction in a water
collecting place. Fig. 3-5 shows one extreme case, in which a Terre Armée wall largely deformed during
the 2004 Niigata-ken Chuetsu Earthquake. A large amount of liquefied sand spouted from a narrow open-
ing between two vertically adjacent panels near the wall bottom that developed by large deformation of
the facing due to seismic loads (Figs. 3-5¢ & d). This unusual event should be attributed to nearly saturat-
ed conditions of sand backfill at the time of the earthquake, which is due to not only heavy rainfall imme-
diately before the earthquake but also poor drainage despite abundant supply of water from the back hill.
There were no drain holes in the facing (as with all Terre Armée walls) and the base drain pipes crossing



the wall were not functioning as their outlets in front of the wall were closed for an unknown reason. A
high degree of saturation under ordinary conditions could be inferred from a plenty of vegetation on the
wall face and at the footing toe which would have not been so if the backfill had been well drained (Figs.
3-5a & b). Fig. 2-8a shows another collapse case of poorly drained GRS RW by seismic loads.

Figure 3-5. Terre Armée wall (5 -9 m-high & 100 m-long, constructed 1997) along a ramp at Horinouchi interchange, Kan-
etsu expressway, damaged during the 2004 Niigata-ken Chutsu Earthquake (Kitamura et al., 2006): a) & b) views of the
wall; and c¢) opening between panels from which a large amount of liquefied sand spouted; and c) sedimentation of sand in
front of the wall.

Based on lessons from many failures/collapses of soil structures including MSE RWs due to
heavy/prolonged rains, as described in Section 2.3 and this section, historically many design guidelines
(e.g. Japan Road Association, 2012; Railway Technical Research Institute, 2007a; AASHTO 2010) rec-
ommend excluding apparent cohesion from both static and seismic designs of RWs including GRS RWs
and the use of y= ysat. Some investigators (e.g. Leshchinsky, 2010; Ling et al., 2012; Leshchinsky & Tat-
suoka, 2013) support this design policy. However, the recent edition of AASHTO LRFD bridge design
specifications (AASHTO, 2012) allows the use of apparent cohesion, ¢, in seismic analysis, without
showing how to determine the value of ¢ under various different conditions, while prohibiting it in static
analysis dealing with the external stability of GRS structures. This may yield perplexing results in that a
wall becomes more stable under certain seismic conditions than under static conditions (Vahedifard et al.,
2014).

To show implications of the redundancy gained by ignoring apparent cohesion, c, in static and seismic
design, Fig. 3-6b was produced for the simplest wall structure (i.e. vertical smooth wall with zero back
slope, Fig. 3-6a) from the data presented in Vahedifard et al. (2014) and those provided by them. They
chose a soil friction angle ¢= 34° as a typical default value used in ordinary practical design in North
America. The results obtained by using two extreme wall friction angles, 6= 0 and ¢, are similar. It is to
be noted that ¢c=10 kPa is not a large value. For example, with c= 10 kPa, the free standing height of un-
supported vertical wall height is only of the order of 1 m. The safety factor for sliding is defined as: Fs=
Pavailable/ Papplied, Where:

- Papplied is the total earth pressure activated on the RW determined by using ¢= 0 and ¢ > 0, which in-

creases with an increase in kn; and

- Pavailale IS the_fixed total earth pressure that can be resisted by the RW equal to “Pappiies When kn= 0

and c= 0” times an assumed safety factor under static conditions, (Fs)c.o, equal to 1.5.

The seismic inertia effect of RW structure is ignored. If it is included, the Fs values when kn> 0.0 be-
come smaller than those presented in Fig. 3-6b and the other similar figures that appear below. This result
is equally relevant to any RW types (including GRS RWS) having the same Pavailavie Value. The sliding
failure mode is selected to demonstrate the implications of redundancy. The same conclusion is obtained
for the overturning failure mode. In Fig. 3-6b, the difference in Fs between two curves for ¢ >0 and c=0




denotes the implicit safety margin (i.e. redundancy) with RWs designed assuming that c= 0 whereas ¢> 0
is actually available.
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Figure 3-6. a) Vertical smooth wall with zero back slope with a linear failure plane; and b) safety factors against lateral

sliding for different apparent cohesions by limit equilibrium stability analysis assuming log-spiral failure plane
(modified from Vahedifard et al., 2014).

The following trends may be seen from this figure:

1) When actually c= 0, Fs is larger than 1.0 until kn becomes about 0.2. Note that this value becomes
smaller if the inertia force of RW structure is taken into account. This result does not mean that seismic
design is not necessary if the design kn value, (kn )q, i lower than about 0.2. This is because Fs= 1.5
when kn= 0 is not introduced to ensure this seismic stability, but it is to accommodate unknown uncer-
tainties in the other design factors (i.e. soil strength, dimensions, boundary conditions, static loads

means that the wall cannot survive seismic load kn higher than 0.2 if any uncertainty is not included in
all design factors and an explicit safety margin by “Fs= 1.5 when kn= 0" is fully available. This means
that this explicit safety margin is not enough to ensure the stability of RWs for design kx values higher
than about 0.2 yet lower than 0.4 (AASHTO, 2012). In this case, if an implicit safety margin (i.e. re-
dundancy) by apparent cohesion, c, is actually available, RWs can survive kn higher than 0.2 while the
limit increases with an increase in c. This analysis partly explains why RWs well designed and con-
structed against static loads could survive seismic loads below a certain level. However, it is to be em-
phasized again that this redundancy created by ignoring apparent cohesion in design is not controlled
and is random therefore it is not reliable.

3) If the use of apparent cohesion, c, is allowed in seismic design but not in static design, for kn values
lower than a certain limit (which increases with an increase in the c value used in seismic design), the
calculated seismic safety factor value, (Fs)cs, becomes higher than the calculated static safety factor,
(Fs)c.o. This result is indeed perplexing!

3.3.2 Friction Angle

Compaction control in performance construction: In the conventional field compaction control (Fig. 3-
7a), all measured values of the degree of compaction, D¢ (= measured dry density, pa/maximum dry den-
sity, (pd)max, Obtained by laboratory compaction tests using a specified compaction energy) are required to
be equal to, or higher than, the specified allowable lower bound, which is typically D.= 90 % by Standard
or Modified Proctor (1Ec or 4.5Ec). Friction angles similar to the residual friction angles, dres, typically
40° (well-graded sandy and gravelly soils), 35° (ordinary sandy and gravelly soils) and 30° (poorly-graded
sandy soils) in Japan, are usually used as default design values. As seen from Figs. 2-5¢ & d, these stand-
ard design ¢ values correspond approximately to these allowable lower bounds of Dc. Therefore, the use
of these default ¢ values in design with backfill well-compacted having D. higher than the lower bound is
conservative creating redundancy. Instead, this method does not encourage, giving no rewards to, better
compaction. On the other hand, the use of both of ¢peak COrresponding to the average of actual compacted




values of D¢ and ¢res is more realistic with well-compacted backfill, while it encourages better compac-

tion. This method is explained later.

Higher dry density can be obtained by improving the conventional compaction control (Tatsuoka,
2011). That is, in the conventional compaction control (Fig. 3-7a), the water content w is controlled to be
equal to the optimum water content, wopt, Or a slightly higher value. However, the (pd)max Value increases
and the wopt value decreases with an increase in the compaction energy level (CEL). Since the introduc-
tion of this method by Proctor (1933), CEL available in the field has been increasing, while a required
compacted pq value has been increasing to improve performance. On the other hand, it is very difficult to
accurately control and estimate CEL in the field, because, even when using the same compaction ma-
chine, the lift may vary, the compaction energy decreases with depth in respective lifts, and the number of
passing may vary. To overcome this basic drawback, Tatsuoka (2013 - 2014) proposed the so-called (pd
& Sy) method (Fig. 3.7b) based on the following findings: a) The degree of saturation, Sy, at which a
(pd)max Value is attained for a given CEL, called the optimum degree of saturation, (Sr)opt, is independent
of CEL. The effects of soil type on the (Sr)opt Value is rather small. b) The shape of compaction curve
plotted on the pq and S; plane is also rather independent of CEL, while rather insensitive to changes in the
soil type. ¢) For a given soil type, the stress-strain properties before and after soaking and the hydraulic
conductivity of saturated soil are a function of pq and the S, value during compaction not including CEL
as a variable. The (ps & Sr) method consists of the following steps while not referring to CEL:

1) Obtain the compaction curve on the pq and Sy plane and the (Sr)opt Value by laboratory compaction tests

at a certain CEL.

2) Set the target value of Sy equal to (Sr)opt and determine the target value of pq by which soil properties
required to ensure specified performance of a given soil structure can be achieved (i.e. performance con-
struction following performance design).

3) Determine the allowable lower bound of pg for all measured values in such that the averaged value of
all measured values becomes the compaction target value of pq.

4) Start compaction at the water content w derived from the target values of pq and Sy (= (Sr)opt)-

5) At relevant moments during each compaction process, find the current compaction curve from current
values of pq and Sy to confirm the current compaction state along the current compaction curve. Stop the
compaction work if: a) Sy has reached (Sr)opt, While not allowing S, to become higher than (Sr)opt; and b)
pd becomes equal to, or higher than, the allowable lower bound.
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Figure 3-7. Backfill compaction control: a) conventional method; and b) (ps & Sy) method (Tatsuoka, 2013-2014).

Effects of friction angle: As discussed above, the friction angle, ¢, of well-compacted backfill can become
higher than the default values usually used in routine design. Fig. 3-8a compares the safety factor Fsand
kn relations obtained by using ¢= 34° (a typical default value in North America) and ¢= 50° (a typical val-
ue with well-compacted well-graded drainable soil). Zero wall friction angle, 6= 0, and zero apparent co-
hesion are assumed. Fs is defined as Pavailable/ Pappiied, Where:
- Pappiied IS the total earth pressure activated on the RW, which increases with an increase in kx; and
- Pavailanle IS the fixed total earth pressure that can be resisted by the RW equal to “Pappiies When kn= 0
determined by using ¢= 34°” times 1.5 (as in the case illustrated in Fig. 3-6).
So, the difference in Fs between the two curves is an implicit safety margin (i.e. redundancy) created
by using ¢= 34° in design when the actual ¢ value is 50°. Fig. 3-8b shows the similar Fs and kn relations
for different ¢ values under the same conditions as Fig. 3.8a obtained by the Mononobe-Okabe seismic




earth pressure theory, which is expressed by the following equations for the simplest wall structure with a
straight failure plane (Fig. 3-6a):

L sec¢
— =—tang+———= -
w P+ —any (3-1a)
tan ¢
_ 1 cos(¢ —y) )
AS T cos?y 1., [sing-sin(g-y) (3-1b)
cosy

where H is the wall height; and L is the width of the active wedge on the crest of backfill when the total
active earth pressure becomes the maximum equal to (1/2) y -H?-Kas (i.e. when the global safety factor
becomes the minimum) for all possible failure plane angles, a (Fig. 3-6a); vy is the soil density; and kn=
tany (horizontal seismic coefficient). The relations for the same ¢ value shown in Figs. 3-8a and b are
very similar. It may be seen from these figures that, if the actual ¢ value is 50°, the use of $=34° in design
creates redundancy that increases the kn value at which collapse takes place from about 0.2 to about 0.5.
For a peak friction angle equal to 50°, this redundancy is not fully available due to post-peak strain soften-
ing in the stress-strain behavior of the backfill, as discussed later. Yet, this analysis also partly explains
why “RWs well designed and constructed against static loads can survive seismic loads below a certain
level”. Note again that this redundancy becomes available only when the backfill is well-compacted by
relevant field compaction control, as discussed above, and relevant drainage.
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Figure 3-8. Safety factor against lateral sliding for vertical smooth walls with zero back slope (Fig. 3-6a) for different
friction angles of the backfill by limit equilibrium stability analysis assuming; a) log-spiral failure plane (modified
from Vahedifard et al., 2014); and b) straight failure plane (the Mononobe-Okabe theory).

3.4 Toe Resistance

The design codes for GRS RWs usually require the placement of the level pad of the facing at a certain
depth. The minimum toe depth, D, for GRS RWs with FHR facing for railways in Japan is 0.4 m (RTRI,
2013c). Ignoring of the toe resistance in design is another source of redundancy (Leshchinsky & Vahe-
difard, 2012). Fig. 3-9 shows the Fsand kn relations obtained for the active earth pressure for H=5 m by
Eg. 3-1 and the toe resistance for a depth D= 0.5 m and 1. 0 m by Eq. 3-2 (i.e., the Mononobe-Okabe
seismic passive earth pressure theory when c= 0) for ¢= 34° under otherwise the same conditions as Fig.
3.8b:

K -1 cos(4—y)
" cos’y L [singsin(g—y) (3-2)
cosy




No wall friction was considered for the active and passive earth pressures, although the toe resistance
increases with an increase in the wall friction angle. The safety factor is defined as: Fs= Pavailable/Papplied,
where:

- Papplied is the total earth pressure activated on the RW, which increases with an increase in kn; and

- Pavailavle IS the fixed resistance of the RW equal to “Papplied When kn= 0 determined by using ¢= 34°
without toe resistance” times 1.5 (as in the cases illustrated in Figs. 3-6 and 3-8) plus “the toe re-
sistance when D> 0.

The redundancy by ignoring toe resistance increases non-linearly with an increase in the toe depth. It
may be seen that the contribution of a relatively large toe depth D= 1.0 m is smaller than that of a small
value of ¢ equal to 5 kPa (Fig. 3-6b).
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Figure 3-9. Safety factor against lateral sliding for vertical smooth walls with zero back slope (Fig. 3-6a) for ¢= 34°
and c= 0 by limit equilibrium stability analysis assuming a straight failure plane (the Mononobe-Okabe theory).
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Figure 3-10. Relationship among different available strength components of geosynthetic reinforcement (when the
available tensile rupture strength of reinforcement, Tg, is the minimum).

3.5 Tensile Rupture Strength of Geosynthetic Reinforcement

An underestimation of design (i.e. available) tensile rupture strength of a given geosynthetic reinforce-
ment, Tq, is another redundancy component. To discuss on this issue, the distribution of available tensile
force, Tavailable, along a geosynthetic reinforcement layer is firstly analyzed. Fig. 3-10 illustrates the case
where the available connection strength at the back of the facing, Toa, is equal to T4 and the facing is rigid
enough to develop the earth pressure by which Toa can be fully mobilized. The maximum value of Tavailable
along the reinforcement length is usually activated at the place where the reinforcement crosses the poten-
tial failure plane. This maximum value of Tavailable IS the minimum value of: 1) Tq; 2) Toa (= Ta) plus
available anchorage strength in the active zone, T1pa; and 3) available anchorage strength in the stationary
zone, Topa. Fig. 3-10 shows the case where Tq is the minimum among the three components, which is usu-



ally the case with GRS RWs having rigid facing, good connection strength and a sufficient length of rein-
forcement.

In current design, the value of Tq is usually determined by adjusting the strength of virgin specimens
obtained by tensile loading tests at a high loading rate, Tur, to account for installation damage and dura-
bility. It is further adjusted for creep reflecting field condition of sustained constant static load to obtain
the unfactored design strength, (Ta)o. Finally, (Ta)o is adjusted by the overall safety factor, (Fs)overan, cOM-
prising the material safety factor and the structural safety factor to compare with the load required to
maintain the stability of wall, Trequires. This procedure is described by Eqg. 3-3 (see Fig. 3-11).
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Figure 3-11. Procedure to obtain the design rupture strength, Tq, from the tensile rupture strength by fast loading of
virgin specimens, Ty.
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There are two aspects of conservatism (i.e. redundancy) associated with these adjustments (Lesh-
chinsky & Tatsuoka, 2013). Firstly, adjustments for strength due to installation damage and durability are
assumed to be the same everywhere. Hence, the reduction factors, RFip and RFp, multiply each other.
This multiplication would be justified if indeed the two reductions occur at the same location where the
actual long-term strength of the reinforcement is needed. It is uncertain whether this will happen at exact-
ly the same place. This uncertainty justifies the multiplication of these two factors, creating redundancy.



Secondly and more significantly, the adjustment for creep applied so that creep rupture does not take
place by the end of lifespan includes the following three redundancy factors:

1) Multiplication of reduction factors for long term durability and creep rupture, RFp and RFcr, means
that creep rupture is evaluated for sustained load applied to the reinforcement that has deteriorated by
chemical and/or biological effects for a considered lifespan. In actuality, the creep deformation takes
place simultaneously with this degradation process, therefore, the actual creep strain is lower than in
the case assumed by Eq. 3-3 (Kongkitkul et al., 2007D).

2) Due to the overall safety factor, (Fs)overan, and the redundancy in the design load, for most of the
lifespan, the actual force in the reinforcement, Lm, in the wall under normal conditions is substantially
lower than the sustained load by which creep is considered to take place in design that is equal to "Tq
by Eq. 3-3” times (Fs)overan, as illustrated in Figs. 3-11 and 3-12.

3) Creep is not a degrading phenomenon, but it is merely a viscous response (Tatsuoka et al., 2004, 2006).
Therefore, if chemical and/or biological degradation does not take place, the residual strength at a giv-
en strain rate does not decrease by creep deformation that has taken place until the time when the rup-
ture takes place: i.e. the original strength is maintained until late in its service life (Fig. 3-12). Fig. 3-13
shows typical tensile loading test results showing this feature. In one of the three tests, sustained load-
ing (SL) was applied for 30 days during otherwise monotonic loading (ML) at a constant strain rate.
The load-strain relation upon the restart of ML at a constant strain rate soon rejoins the one obtained by
two continuous ML loading tests not including this SL stage. The rupture strength in these three tests is
a rather unique function of the strain rate at rupture and essentially the same irrespective of SL at an in-
termediate stage. That is, as illustrated in Fig. 3-12, when subjected to seismic loads for a limited dura-
tion during otherwise a long service period under constant load conditions, the original strength at a
fast strain rate is fully activated.
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Figure 3-13. Comparison of tensile load - strain relations from three ML tests with and without sustained loading for
30 days at an intermediate load level, a PET geogrid (Hirakawa et al., 2003; Kongkitkul et al., 2007a).

Hence, usually the reduction factor for creep is not entirely relevant; in many cases, it may be close to
unity (i.e. practically no reduction for creep). Particularly in setting the design tensile strength of geosyn-
thetic reinforcement against seismic loads, the creep reduction factor is not necessary. Although no use of
creep reduction factor reduces redundancy when compared to the design using a creep reduction factor,
this procedure is relevant in the seismic design using realistic design seismic loads.

3.6 Positive Dynamic Effects

In the framework of the conventional seismic design, failure is judged to take place if the overall safety
factor for wall stability calculated by the pseudo-static analysis becomes unity against a given design hor-
izontal seismic coefficient, (kn)d, although the calculated safety factor is required to be equal to, or larger
than, a given specified minimum safety factor. The value of (kn)q is usually set to be smaller by a factor of
1/2 - 2/3 than a given “design peak horizontal acceleration, (omax)d”/’gravity acceleration, g”, by taking
into account so-called dynamic effects. Tatsuoka et al. (1998) argued that the dynamic effects comprise



two components: “dynamic ductility”, which decreases the ratio (Kn)da/[(amax)a/g]; and “dynamic flexibil-
ity”, which increases this ratio.

With respect to dynamic ductility, soil structure collapses only after having exhibited unacceptable
large residual deformation caused by several pulses having “horizontal acceleration, o’/g larger than the
yield strength (kn)y at which the safety factor becomes unity. Soil structures that exhibit a lower stability
reduction rate with residual deformation have a higher dynamic ductility. For example, for the same input
acceleration time history having a certain value of amax/g, over-turning collapse can take place less easily
with GRS RWs having a higher dynamic ductility due to a relatively wide reinforced zone than with
conventional cantilever RWs having a lower dynamic ductility due to a relatively narrow wall structure.
Therefore, for the same value of (amax)d/g, the value of (kn)d to be used in pseudo static seismic stability
analysis should be set lower with GRS RWs than with conventional cantilever RWs (Tatsuoka et al.,
1998). The use of the same (kn)a as conventional cantilever RWs creates some redundancy in the seismic
design of GRS RWs. Judging of seismic stability based on calculated residual deformation can take into
account such positive effects of dynamic ductility as above. Although this procedure does not create re-
dundancy in design, it can be shown that a given wall can survive a realistic input motion having omax/g
significdantly higher than the yield strength, (kn)y.

With respect to dynamic flexibility, the amplification of response acceleration in GRS structures from
input motion is generally much lower than in ordinary slender RC structures, such as tall bridge piers.
This is due to: a) larger phase differences resulting from initial natural frequencies that are usually much
higher than typical predominant frequencies of severe seismic motions; and b) higher values of material
damping at large strains and dissipation damping (Tatsuoka et al., 2009, 2012d, Munoz et al., 2012). In
fact, in many seismic design codes of soil structures (other than high earth/rock-fill dams), dynamic am-
plification is ignored. Although this simplification is un-conservative, it seems that it is usually implicitly
considered that this negative effect can be compensated by other redundancy components that are large
enough. In that case, the reduction in redundancy by this approximation becomes smaller with less dy-
namically flexible soil structures having higher natural frequencies. It is the case with GRS integral
bridges (explained later) compared with conventional type bridges (Tatsuoka et al., 2009, 2012d, Munoz
etal., 2012).
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3.7 Un-conservatism and Redundancy Related to Facing Structure

3.7.1 Relationship between Required and Available Strengths of Reinforcement

The structure of facing including that of facing/reinforcement connection has large effects on the wall
stability, while this factor is largely different among different MSE RW types (Tatsuoka, 1992). Over-
estimation of this factor in design when it is actually insufficient is on the unsafe side reducing redundan-
cy. On the other hand, underestimation of this factor in design when it is actually available is on the safe
side creating redundancy.

To explain this issue, Figs. 3-14a & b schematically compare the available tensile forces, Tavailable,
along the reinforcement length when the connection force is zero and when high enough. Zero connection
force results from the use of very flexible facing and/or zero connection strength. High connection force
results from rigid facing together with high connection strength. Fig. 3-14c compares Tavailable When the
connection force is high enough with the tensile force required for wall stability, Trequired. AS the stability
of GRS RW is controlled not only by global stability but also by local stability, the distribution curve of
Trequired along the reinforcement length is the envelop of the two envelops for global stability, (Tre-
quired)global, and local stability, (Trequired)iocal. (Trequired)giobal IS the envelope of the tensile forces required to
prevent global failure along any potential failure plane (Leshchinsky et al., 2014). When the reinforce-
ment is longer than required for sufficient pull-out strength, as shown in Fig. 3-14c, the maximum of (Tre-
quired)global 1S activated at the place where the reinforcement crosses the critical failure plane. When the re-
inforcement is shorter than required for sufficient pull-out strength, (Trequired)global bECOMES larger than
Tavailabte fOr pull-out near the rear end, and the actual tensile force is limited by Tavailabie (Leshchinsky et al.,

2014).
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Figure 3-15.  An approximate isotropic perfectly plastic solution for compressive strength of a soil layer reinforced with
geosynthetic reinforcement (u: friction angle at the interface between reinforcement and soil) (Tatsuoka, 2004).

The importance of taking into account (Trequired)iocal in design to prevent local compression collapse of
backfill immediately behind the wall face at low levels of the wall is often over-looked. Fig. 3-15 shows
an isotropic perfectly plastic solution for the compressive strength of a soil layer between reinforcement
layers where the whole region is at failure state. The stress state in zone ABC is free from the bond stress
at the interface between the reinforcement and the backfill, so free from the tensile forces in the rein-
forcement. When c= 0, the minimum lateral confining pressure on required to keep zone ABC stable in a
smooth vertical wall under static conditions is the active earth pressure when unreinforced, on= ov*Ka,
where Ka= (1-sin¢)/(1+sin¢g). The minimum active earth pressure to maintain the local stability under
more general conditions (such as the one illustrated in Fig. 5-1) can be evaluated by the two-wedge limit-
equilibrium stability analysis. In any case, when on= 0 at the wall face, the strength of soil with c= 0 be-
comes zero in zone ABC. The collapse of this zone is followed by progressive failure toward deeper plac-
es. With a decrease in the vertical spacing of reinforcement layer, the local stability increases associated
with a decrease in the volume of zone ABC.

In Fig. 3-14c, (Trequired)global denotes the reinforcement tensile force required only to maintain global
stability of the wall. The value of (Trequired)giobar IS largest at the location where the critical failure plane
crosses and becomes smaller at locations more distant from the critical failure plane (Leshchinsky et al.,
2014). Then, near the wall face in the active zone, if (Trequired)iocal is larger than not only (Trequired)global but
also Tavailable, (@S In the case illustrated in Fig. 3-14a), the deformation of the active zone becomes too
large due to local failure. That is, if the facing is very flexible (such as wall face loosely wrapped-around



with geogrid reinforcement), or if the connection strength at the back of rigid facing is zero or very low,
the earth pressure that can be activated at the wall face becomes substantially lower than the active earth
pressure ov:Ka. Then, as illustrated in Fig. 3-14a, at low levels of the wall where the active zone is very
narrow, only very small tensile forces can be activated along the reinforcement length, as discussed relat-
ed to Fig. 3-10. If c= 0, near the wall face, Tavailanle becomes much lower than both (Trequired)iocar and (Tre-
quired)global. This situation results in low confining pressure, therefore low stiffness and strength of soil, in
the active zone. If something supports the soil at the front from just flowing outwards or small apparent
cohesion is available, the active zone can be marginally stable. However, if local failure takes place im-
mediately behind the wall face, for example, by seismic load or by losing apparent cohesion due to
heavy/prolonged rain, failure may progressively develop from the front towards inner locations. This is
more likely to take place at low levels of the wall. Then, the global failure plane may be pushed inwards
making the active zone wider, as observed in full-scale tests (Tatsuoka & Yamauchi, 1986; Tatsuoka et
al., 1997a). In this case, the maximum tensile force in the reinforcement at the location crossing the fail-
ure plane may increase to maintain the global stability, but it is penalized by intolerable large deformation
of the wall.

On the other hand, when the facing is rigid enough and the connection strength is high enough, the
maximum value of Tavailable PeCOmes equal to the smaller of: 1) the available tensile rupture strength of re-
inforcement, Tq: and 2) the maximum of the available pull-out strength in the stationary zone (in the back
of the failure plane), T2pa. As the value of (Trequired)ioca IS much lower than this maximum value of Tavailable,
the local failure in the active zone can be easily prevented by using rigid facing firmly connected to the
reinforcement. In this case, relative displacement between the backfill and the reinforcement becomes
very small, therefore the shear stress mobilised at the interface becomes very low. If the shear stress is ze-
ro, the tensile force in the reinforcement becomes constant in the active zone as illustrated in Fig. 3-14b
and as observed in many MSE RW having rigid facing and high connection strength (Tatsuoka, 1992).
Then, the lateral earth pressure becomes constant in the active zone and the maximum value of (Tre-
quired)global that develops at the place where the critical failure plane crosses becomes ov*Ka* Sy, where Sy
is the vertical spacing of reinforcement layers.

3.7.2 Effects of Facing Structure on Wall Stability
If Tavaitanle is actually like the one shown in Fig. 3-14a due to insufficient facing rigidity and/or insufficient
connection strength and if the possibility of local failure is not taken into account in design, this design
procedure reduces the redundancy created by the other components. It is likely that many of fail-
ure/collapse cases of MSE RWs reported by Koerner et al. (2013) and Valentine (2013) and others as pre-
sented in the preceding sections can be attributed to this inadequate or improper design procedure. The
following is additional notions in this respect:

1) The actual tensile force, T, in back of the wall face may become higher than Trequired, fOr example, dur-
ing and immediately after good compaction. Therefore, high connection strength is essential also for
good compaction. With completed MSE RWs, this situation becomes more likely at higher levels of
the wall, while, at lower levels of the wall, due to vertical compression taking place by subsequent
wall construction, the T value may become close to (Trequired)local.

2) Under seismic conditions, near the wall face, both (Trequired)giobal @nd (Trequired)iocal iNCrease due to an
increased active earth pressure and the outward inertia of facing activated by acceleration amplified
compared to the one at inner places of the wall. Therefore, high connection strength is particularly
important to ensure a high seismic stability of the wall.

3) When concentrated loads, vertical and/or lateral in the outward direction, are applied to the crest near
the wall face, the failure plane becomes closer to the wall face, while both (Trequired)iocal and (Tre-
quired)global NE@r the wall face increase. By using rigid facing firmly connected to sufficiently strong re-
inforcement layers, the value of Tavailable can become higher than both (Trequired)iocal @nd (T required)global N
such a case. By using full-height rigid (FHR) facing with high connection strength, the development
of failure planes that potentially cross the wall face at mid-heights can be effectively prevented. This
feature can be easily taken into account in design although not creating redundancy in this respect.

3.7.3 Full-Height Rigid Facing

Fig. 3-16a illustrates the staged-construction procedure of GRS RW having FHR facing. Prior to the con-
struction of FHR facing (i.e. at stages 3 through 5 in Fig. 3-16a), the gravel bags function as a temporary
stable facing resisting high earth pressure developed by good compaction. High earth pressure is subse-
quently transferred to the FHR facing upon its construction. After sufficient deformation takes place in



the backfill and supporting subsoil, as illustrated in Fig. 3-16¢, FHR facing is constructed by casting-in-
place concrete on the wall face wrapped-around with geogrid reinforcement. Fig. 3-16b shows a typical
geogrid type used for this GRS RW system. As the geogrid is directly in contact with fresh concrete ex-
hibiting strong alkaline properties, a geogrid type that has high resistance against high alkali environment,
typically the one made of polyvinyl alcohol (PVA), should be used. As the completed FHR facing is firm-
ly connected to the geogrid layers, high connection forces with high tensile forces in the reinforcement
develop, therefore high confining pressure in the active zone can be realized. Then, the active zone be-
comes stiff and stable, then a limited amount of residual deformation of the active zone after wall comple-
tion can be realized. As of May 2014, the walls have been constructed at over 1,000 sites with a total wall
length of about 160 km including those for high-speed trains (Figs. 3-16d & e). Since the first construc-
tion in 1989, there has been no problematic case during and after construction.
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In summary, FHR facing can: 1) increase the available tensile strength of reinforcement, which in-
creases the global stability along potential failure planes; 2) prevent the development of global failure
plane intersecting the wall face; 3) increase the local stability near the wall face; 4) decrease the defor-
mation (including long-term residual deformation) of wall by increasing the stiffness of the active zone;
and 5) prevent the propagation of local failure, if it takes place, towards global failure of wall, unlike such
cases of discrete panel facing as shown in Figs. 3-3, 3-4 and 3-5. As discussed below, factors 1), 2) and 3)
are taken into account in the current design code of GRS RW having FHR facing. Although factors 4) and
5) are essential with important GRS RWs with a limited amount of allowable deformation, such as those
supporting highways and railways, they are not explicitly taken into account in the current design code,
thus creating redundancy relative to MSE RWs having flexible facing or discrete panel/modular block
facing.



3.8 Design based on Measured Tensile Reinforcement Forces

The tensile force in the reinforcement measured in a GRS RW under ordinary static conditions, denoted
as Lm, is usually significantly smaller than the_factored design strength, Tq (Eq. 3-3a), determined by or-
dinary static analysis ignoring redundancy components, denoted as [Tq]a (i.e. the case illustrated in Fig.
3-2). This situation is illustrated in Figs. 3-11 and 3-12. This difference, denoted as AL, is created by ac-
tual apparent cohesion, actual high value of ¢, actual toe resistance etc. That is, “additional design load
created by ignoring these redundancy components that is included in [Tq]a® vanish in Lm. Therefore, if
the value of Tq is set to equal to the average of the values of L obtained from measurements in many
similar GRS RWs, denoted as [Lm]ave, the actual static safety factor, (Fs)a.o, for the same calculated static
safety factor, (Fs)c.o, decreases significantly from the value determined by ordinary static analysis ignoring
redundancy components (i.e. in the case of Fig. 3-2) as illustrated in Fig. 3-18. That is, the unfactored de-
sign strength, (Ta)o=Ta"(Fs)c.o0, decreases from (Tg)a-(Fs)c.o to [Lm]ave'(Fs)c.o= ([Ta]a — AL):(Fs)c.o. Then, for
the same value of L, the actual static safety factor, (Fs)a.0, decreases from the value in the case of Fig. 3-
2:

_[Tada - (F)eo +AT,

[(F)aola = C (3-4)
to the value in the case of Fig. 3-18:
[(Fs)a.O]B :{I.—rd]A _AL}'(FS)C.O +ATd (3_5)

L

m

where ATy is the redundancy included in the actual unfactored strength, (Ta)o.

Overall safety factor: Factored design strength (T,)=
calculated (F,). & actual (Fy), load measured under ordinary
static conditions (L,,)
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Figure 3-18. Largely reduced redundancy under ordinary static condition in Tq=Lm design procedure.

Egs. 3-4 and 3-5 imply the followings:

1) For the same values of Lm and ATq, due to AL, the actual safety factor in this case (Fig. 3-18),
[(Fs)ao]s, could be substantially lower than the value obtained by ignoring the redundancy compo-
nents (Fig. 3-2), [(Fs)ao]A.

2) (Fs)ao Of a given GRS RW decreases by an increase in the actual load, Lm, which may take place in an
uncontrolled and random way and differently among different GRS RWs. Ln may increase signifi-
cantly by inadequate or improper design and construction: i.e. by poor drainage, poor compaction of
lower-quality backfill, poor connection between reinforcement and facing, inappropriate reinforce-
ment arrangements etc.

3) Lm also increases due to loss of apparent cohesion by heavy/prolong rains, loss in the toe resistance by
scouring/excavation in front of the wall, unusual loading etc. during the lifespan.

4) The calculated static safety factor, (Fs)c.oin Egs. 3-4 and 3-5 does not include seismic effects. There-
fore, this value is smaller than the value when seismic design is carried out while ignoring redundancy




components (i.e. the case illustrated in Fig. 3-1).

In this case (i.e. Eq. 3-5 and Fig. 3-18), by these four factors, the value of (Fs)ao may have become lower
than (Fs)c.o (as indicated by area A) and may have become close to unity in spite of the inclusion of AT..
As far as the wall is standing under ordinary static conditions, (Fs)aois kept larger than unity. However,
the chance of failure/collapse by seismic loading that should be encountered during the lifespan has in-
creased substantially. Failure/collapse may take place even by relatively small seismic loads. Further-
more, the residual deformation may increase largely corresponding to a large decrease in (Fs)ao, Which
largely increases the long-term maintenance cost. In Fig. 3-18, the relationship between the calculated
safety factor, (Fs)cs, and ki is schematically depicted by a solid curve considering that (Fs)cs should de-
crease with an increase in kn. However, it is not possible to obtain this relation by analytical stability
analysis, because this method is empirical.

In summary, the design method setting the factored design strength, Tq, equal to the measured load, Lm,
counts on the redundancy components that are ignored in ordinary design. As these redundancy compo-
nents are uncontrolled and random while they may disappear, this design method is not reliable. Also by
not including seismic effects, this design method is much more un-conservative than when seismic design
is carried out based on stability analysis ignoring redundancy, as described in Fig. 3-1.

4 MANIFESTATION OF REDUNDANCY IN DESIGN

4.1 Background

A great number of failure/collapse cases of soil structures during earthquakes in the past, in particular
those during the last 20 years in Japan, has indicated that, with soil structures, we should move from the
no-seismic-design policy to relevant seismic design, or increase the design seismic load to more realistic
higher values. In so doing, it is also necessary to evaluate the seismic stability more realistically by taking
into account, at least partly, significant contributions of redundancy that were ignored previously, typical-
ly those created by good compaction and dynamic ductility. Fig. 4-1 illustrates this issue. Suppose that
soil structure A (well drained & well compacted) survived seismic loads much severer than having been
considered in the conventional seismic design. Soil structure B performed marginally, soil structure C
collapsed and soil structure D (poorly drained & poorly compacted) collapsed very seriously. When fol-
lowing the conventional design procedure ignoring the contributions of redundancy, their calculated safe-
ty factors, (Fs)c, may not be largely different while all being larger than a certain specified minimum value
(e.g. 1.2 or 1.5). As redundancy is actually very different among different soil structures, the actual safety
factors, (Fs)a, should be largely different from each other. Over-estimation of soil strength with structure
D in the conventional design is typically due to ignoring of a drastic decrease in the undrained shear
strength by cyclic undrained loading with poorly drained saturated poorly compacted backfill. This
strength over-estimation reduces redundancy significantly. With soil structure A, if the design seismic
load is increased to a realistic high level while still ignoring the contributions of redundancy, the calculat-
ed safety factor, (Fs)cs, may become too low being lower than unity. This result is not consistent with the
actual behaviour.

Resistance
Fs= Resistance/Load = 1.0
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Figure 4-1.  Seismic design issue of soil structures.



4.2 Increasing Actual Stability by Manifesting Redundancy

4.2.1 General

To encourage and promote the construction of soil structures that are sufficiently stable against realistic
high seismic loads while exhibiting small residual deformation by good structure, good design and good
construction (i.e. soil structure A in Fig. 4-1), the following three steps are necessary:

1)

2)

3)

A relevant design seismic load is introduced if seismic design has not been performed or the design
seismic load is increased to a more realistic level higher than in the conventional seismic design. This
procedure increases the design load.

An increase in the stability realized by good structure, good design and good construction is properly
manifested (i.e. specified explicitly) in design. One example is the use of realistic values of ¢peak, larg-
er than a default value, with actually well-compacted backfill. Another is no use of a creep reduction
factor to obtain design rupture strength of geosynthetic reinforcement in seismic design. Although this
procedure decreases the implicit safety margin (i.e. redundancy), results of stability analysis becomes
more realistic. Yet, it is still necessary to maintain some redundancy to keep as small as possible the
risk of failure/collapse by unusual extreme events that may take place in the future but cannot be fore-
seen at the stage of design.

It is shown that the increase in the construction cost when following this procedure is smaller and
more valuable than the cost by failure/collapse that may take place during the lifespan plus an in-
crease in the maintenance cost when not following this procedure. If feasible, it is also shown that, for
example, the LCC of a GRS RW properly designed against adequate seismic loads can become lower
than the one for a conventional type RW that is not seismic-designed, as demonstrated by Tatsuoka et
al. (2014b).

4.2.2 Three Methods to Increase Stability

GRS structures become actually more stable due to the benefits obtained by a combination of good struc-
ture, good design and good construction. By properly taking advantage of these benefits, realistic seismic
design taking into account realistic high seismic loads becomes feasible.

Good structure: The factors for good structure include the following:

1) High structural strength: i.e. large load is necessary to trigger failure, as expressed by the global

safety factor evaluated by the limit equilibrium analysis.

2) High structural ductility: i.e. large additional energy is necessary to reach collapse after the start of

failure, as expressed by residual deformation evaluated by the Newmark method.

3) High structural integrity: i.e. restraining of local failure from its occurrence and propagation to the

collapse of whole structure; and keeping the natural frequency much higher than predominant fre-
quencies of design input motion.
These factors can be realized with GRS RWs with facing having sufficient rigidity, sufficient con-

nection strength and relevant arrangement of reinforcement layers, such as the one described in Fig. 3-
16.

Good design: The factors of good design include the following:

1) Rational design based on statics and dynamics that can be applied to broad conditions in a con-

sistent manner, usually limit equilibrium stability analysis in practical design.

2) Relevant seismic design in seismic zones: The use of dpeak in addition to dresidual (@S explained later)

with actually well-compacted backfill can give reward for good compaction. Although this method
reduces redundancy, soil structures actually become more stable while reducing the life cycle cost
(LCC). Besides, part of the benefit by better compaction should be preserved as redundancy by de-
termining conservatively the design value of ¢peak. NO use of creep reduction factor to obtain the
design rupture strength of geosynthetic reinforcement in seismic design is rational. This procedure
reduces the redundancy in a consistent manner.

3) Due evaluation of the three important structural factors listed above in design.

Good construction: The factors of good construction include the following:

1) Use of as good as possible backfill (e.g. well-graded gravelly soil).
2) Good compaction, encouraged by the use of dpeak in design.
3) Good drainage, which warrants such a design assumption that no positive pore water pressure de-

velops even during heavy/prolonged rains in walls constructed in a water collecting place. Good



compaction with good drainage results in large apparent cohesion, which increases redundancy in
the design ignoring apparent cohesion.
That is, “good performance design” is not sufficient, but “good performance construction” linked to
“good performance design”, such as the new field compaction control method (Fig. 3-7b), is also neces-
sary to realize soil structures that can perform properly during the lifespan.

5 SEISMIC DESING OF JAPANESE RAILWAY SOIL STRUCTURES

5.1 Background

The seismic design of Japanese railway soil structures, including GRS RWs having staged-constructed
FHR facing (Fig. 3-16) was revised substantially based on lessons learned from the performance of soil
structures during the 1995 Great Kobe Earthquake. The design code was further revised referring to new
lessons from the subsequent earthquakes. The latest version of Design Standard for Railway Soil-
Retaining Structures (Railway Technical Research Institute, 2013) has the following several characteristic
features that integrate the key points for design discussed in Chapters 3 and 4 (Koseki et al., 2006, 2007,
2008, 2009; Koseki, 2012; Tatsuoka et al., 2010).

5.2 Three Required Performance Ranks and Two Design Seismic Load Levels

According to the importance level of concerned railway soil structure, the following three ranks of re-
quired seismic performance are introduced in the same way as the other railway structures (Table 5-1):

- soil structures supporting RC slabs for ballast-less tracks of high speed trains are required rank I;

- soil structures supporting ballasted tracks for important railways are required rank I1; and

- other non-critical soil structures are required rank I11.

Table 5-1.  Three performance ranks for two design seismic load levels

sign seismic loads | Level 11: Level 22:

Required
performance

Conventional design
EQ load

Severe seismic loads as
experienced during the 1995
Kobe EQ

Very important soil
structures: e.g. high
speed trains (rank I)

Important soil
structures: e.g. urban
trains (rank Il)

Limited deformation:
expected functions
can be maintained
without repair works

Allowed to exhibit deformation
as far as their functions can be
restored by quick repair works

Should not exhibit devastating
deformation. The functions can
be restored by repair works.

Other non-critical soil

Should not collapse

Not specified

structures (rank Il1)

1) anticipated to take place at a given site several times during the design lifespan.
2) the largest seismic load anticipated at a given site during the design life time.

Level 1 design seismic load is used in the pseudo-static seismic stability analysis and represented by a
horizontal seismic coefficient at the ground surface, (kn)d, equal to 0.2. This value is the same as the value
that had been used before the revision of the code (i.e. before the 1995 Great Kobe Earthquake). Level 2
design seismic load was newly introduced, which is equivalent to severe seismic loads experienced during
the 1995 Great Kobe Earthquake. This is assigned in terms of standard time histories of horizontal ground
acceleration to be used to evaluate the residual deformation of soil structure by the modified Newmark
sliding block analysis (explained below). Depending on the natural period, Tg, of the ground at a given
site, different wave forms and amplitudes are assigned (Table 5-2). The peak accelerations, amax, are gen-
erally very high, in a range from 500 to 920 gal (cm/sec?), and the largest value is assigned for the G2
ground primarily consisting of Pleistocene deposits. It is assumed that the acceleration is not amplified in
each soil structure. Although this assumption itself is on the unsafe side (thus reducing the redundancy in
design), it is considered that this factor is covered by conservatisms in other several factors.

Table 5-2. Maximum acceleration of Level 2 design earthquake motions: the unit is gal (cm/sec?): see Koseki et al. (2007)
for the wave forms.



GO | G1 G2 G3 G4 | G5 G6 | G7

578 | 732 | 924 | 779 | 718 | 741 | 694 | 501
GO — G7: ground classifications listed below, determined based on the natural period Tq (the unit is seconds).

G0-G2 G3 G4 G5 G6 G7
Less than 0.25- 0.5- 0.75- 1.0- More than
0.25 0.5 0.75 1.0 15 1.5

GO: rock deposit; G1: firm base deposit; G2: Pleistocene deposit; G3: moderate; G4: moderate to soft; G5 & G6:
soft; G7: very soft.

5.3 No Use of Apparent Cohesion in Static and Seismic Design

Good drainage is one of the construction keys for high performance of soil structures. With GRS RWs
having FHR facing (Fig. 3-16), gravel bags, or their equivalent, wrapped-around with geogrid reinforce-
ment are placed at the shoulder of each soil layer to help backfill compaction and to function as a vertical
drain immediately behind the FHR facing during service. The water percolating into the gravel bags from
the backfill is drained to the outside of the wall through small drain holes arranged for every 2 to 4 m? in
the FHR facing. With good drainage, positive pore water pressure may not develop even during
heavy/prolonged rain. Yet, with all soil types, the apparent cohesion due to matric suction is ignored (i.e.
c=0) in both static and seismic design by considering that the apparent cohesion may disappear in an un-
controlled manner with an increase in the degree of saturation, Sy, typically by heavy/prolonged rain,
therefore, it is not reliable. By the same concept, the saturated unit weight of soil is used in both static and
seismic design.

Table 5-3.  Standard design values of density and shear strength (c= 0) for wall design (RTRI, 2013b).

Standard design values | Soil unit | ¢ for seismic ¢ for seismic design

weight design against against level 2 load
Soil type (KN/m3) | level 1 load Ppeak™ Presidual
Type 1: well-graded sand & gravelly soil 20 400 550 400
Type 2: other ordinary types of sand & 20 350 500 350

gravelly sand

Type 3: poorly-graded sand 18 300 450 300
Type 4: cohesive soil 18 300 400 300

Type 1: SW & GW; Type 2: GP, G-M, G-C, G-V, S-M and GM & GC with fines content less than 30 %; and Type 3:
other soil types with fines content less than 30 %; and Type 4: fines content more than 30 %.
*) These values can be used only when good compaction is ensured. Otherwise, ¢resiqual Should be used.

5.4 Consideration of Effects of Good Compaction on Soil Strength

Good compaction of the backfill is also essential to ensure high stability of soil structures against
heavy/prolonged rains, floods and severe earthquakes. With GRS RWs having FHR facing (Fig. 3-16), to
facilitate good compaction of the backfill, the vertical spacing between geosynthetic layers is specified to
be 30 cm, while the standard compacted lift of soil layer is 15 cm. It is allowed to use the dpeak Values
listed in Table 5-3 in seismic design against Level 2 seismic load only when good compaction is ensured
in such that: 1) all measured D¢ values (Standard Proctor) > 92 %; and the average > 95 %; and 2) all
measured values of the coefficient of vertical sub-grade reaction obtained by plate loading tests using a 30
cm-diameter plate (Kso) > 70 MN/m?; and the average > 110 MN/m?. The standard design values of ¢
listed in Table 5-3, as values under plane strain conditions, were determined conservatively based on re-
sults of a comprehensive series of drained triaxial compression tests on many fill samples representative
of the railway soil structures in Japan. In so doing, it was considered that differences in the ¢ value be-
tween the plane strain and triaxial compression tests are balanced with effects of strength anisotropy and
progressive failure (Tatsuoka, 2001).



5.5 Seismic Design Based on Limit-Equilibrium Stability Analysis

Static and seismic design is performed based on the limit equilibrium stability analysis. As argued in Sec-
tion 3.8, the tensile geosynthetic forces in full-scale GRS RWs measured under ordinary static conditions
are usually substantially lower than respective design values obtained by ignoring several redundancy
components. Therefore, they are not referred to in design. The seismic stability against Level 1 load is
evaluated based on the global safety factor obtained by pseudo-static limit equilibrium stability analysis.
The performance against Level 2 seismic load is evaluated based on residual deformation evaluated by
the modified Newmark sliding block theory based on pseudo-static limit equilibrium stability analysis by
the modified two-wedge (T-W) method using both ¢peak and dresicuar (Tatsuoka et al., 1998). This modified
T-W method is a direct extension of a modified version using both ¢peak and dresidua OF the Mononobe-
Okabe seismic earth pressure theory (the M-O theory), as explained below.

Failure plane (or zone)
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Figure 5-1. RW with unreinforced backfill with a single linear failure plane under general seismic loading condi-
tions (Koseki et al., 1997).
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Figure 5-2. a) Simplest RW structure; and comparisons between the original and modified Mononobe-Okabe theories: b)
the size of failure zone; and c) active earth pressure coefficient (Koseki et al., 1997).

The original M-O theory evaluates the seismic earth pressure in unreinforced backfill in the framework
of Coulomb’s active earth pressure theory using a single linear failure plane (Fig. 5-1). For reinforced soil
RWs, two-wedge failure mechanism (explained below) is a relevant practical approximation. For homo-
geneous unreinforced and reinforced backfill under general boundary conditions, a log-spiral failure plane
is a more relevant and consistent assumption (Leshchinsky, et al. 2014).

The simplest case (vertical smooth wall with zero back slope; Fig. 5-2a) is analyzed below. The origi-
nal M-O theory assumes that always the same peak friction angle ¢ can be mobilized along any failure



plane (i.e. the isotropic perfectly plastic assumption). Therefore, the failure plane becomes deeper and
shallower with an every increase and decrease in the input seismic load. If the input seismic load continu-
ously increases, the angle o in Fig. 5-2a continuously decreases. Figs. 5-2b and 2c show the o versus kx
relations and the active earth pressure coefficient Kas versus kx relations obtained by Egs. 3-1a & b (i.e.
the original M-O theory) when ¢ is equal to either 30° or 50°. In actuality with well-compacted soil, once
the peak stress state is reached then passed, the ¢ value drops from ¢ peax toward ¢ resiqual ONly inside a
shear band (i.e. a failure plane), while the peak strength in terms of ¢ remains equal to ¢ peax in the unfail-
ing regions.
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Figure 5-3. a) Grading curves of the granular materials used in drained plane strain compression tests (poorly graded
granular materials* were tested by Yoshida et al., 1995; Yoshida & Tatsuoka, 1997); b) drained PSC test on dense
Toyoura sand (Dsg= 0.206 mm) , 6’3= 78 kPa; axial strain= 11.8 %; c) relationships between the shear stress level Ry
VS. Us (Uspeak: Us at peak stress state); and d) R, vs. normalized us relations (Okuyama et al., 2003; Tatsuoka, 2001; Tat-
suoka et al., 1998).

Fig. 5-3c shows the relationships between the shear stress level, Rn= (R- Residual)/(Rpeak — Rresidual),
where R= c1/03, and the shear displacement along a shear band seen on the o2 plane, us, measured by the
photogrammetric method (Fig. 5-3b) in drained plane strain compression tests on a number of granular
materials (Fig. 5-3a). Rn=1 and 0 denote the peak and residual stress states. Fig. 5-3d shows the relation-
ships between Ry and us divided by Dso®, where Dso is the mean diameter (mm) and a power 0.66 is the
value by which the scatter in the relations becomes a minimum. The shear displacement by which the
strength fully drops increases with an increase in Dso.
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Figure 5-4. Illustration of discontinuous development of shear band in the unreinforced backfill of RW

When the input seismic load becomes higher than the level at which the development of first failure



plane has started, due to the post-peak strain-softening properties, this first failure plane develops further
until the input seismic load becomes high enough to develop the second failure plane (Fig. 5-4). There-
fore, during a given time history of seismic load, either no failure plane develops, or only a single failure
plane develops, or a limited number of failure planes develop stepwise, in the backfill. Taking into ac-
count this process, Koseki et al. (1997) proposed the following modified M-O theory. It is assumed that
the first shear band starts developing once mobilized ¢ reaches ¢peak at a certain kn value, followed by a
drop of mobilized ¢ to ¢resiqual i the shear band. It is conservatively assumed that this drop is sudden. This
assumption was adopted in the design code for Japanese railway soil structures (RTRI, 2013). The limit
equilibrium stability analysis is performed using ¢peak outside the shear band and ¢resiqual In the shear band.
This failure plane remains the critical one despite an increase in ky until a new critical failure plane devel-
ops in the zone outside the first critical plane. The value of Kas is obtained as:

_sin(a, +¥ —¢.,) cota,
AS —
cos(a, —¢,.) €OS°w

(5-1)

where ac= arctan(L/H) is the angle of the current critical failure plane to the vertical; and ky= tany is the
horizontal seismic coefficient.

Figs. 5-2¢ & d compare the sizes of failure zone (i.e. the angle o)) and the values of Ka s plotted against
kn obtained by the original M-O theory (Eq. 3-1) for ¢= 30° or 50° and the modified M-O theory (Eq. 5-1)
for dresiqua= 30° and dpeak= 50° assuming that the first failure plane develops when kin becomes either 0.0
or 0.2. The following trends may be seen.

1) The Kas value by the original M-O theory for ¢resiaiai= 30° (i.e. the conventional default design ¢
value for poorly graded sand, Table 5-3) becomes extremely high when kn becomes higher than about
0.5. In this case, the seismic design of RWs for Level 2 seismic load becomes practically infeasible.
On the other hand, with a continuous increase in kn, the Kas value by the modified M-O theory in-
creases either linearly or stepwise at several kn values, not becoming extremely high being always
smaller than the value by the original theory using oresiqual. The difference increases as ki increases.

2) With a continuous increase in ky, the failure zone by the modified theory becomes larger only step-
wise being consistently smaller than the one by the original theory using ¢peak. This small size failure
plane was observed in model shaking table tests (Koseki et al., 2007, 2009; Watanabe et al., 2003,
2011) and in the field (typically Fig. 2-1a).

Figs. 5-5¢ and d show results from seismic active earth pressure analysis for a GRS RW having FHR
facing with typical arrangements of geogrid (Fig. 5-5a) evaluated by the conventional and modified T-W
methods (Fig. 5-5b). The response amplification inside the wall is ignored. Fig. 5-5d shows the Ka s val-
ues of the seismic active earth pressure acting in the wall for the failure mechanism exhibiting a minimum
safety factor for either over-turning or sliding obtained by the modified T-W method using ¢peak= 45° and
dresiduar= 30°. It is assumed that the first T-W failure mechanism develops when ki becomes 0.2 and the ¢
value inside the first failure planes suddenly drop from ¢peak t0 dresiquat and, as kn increases, this first fail-
ure mechanism continues developing until the second one starts developing. These results are compared
with those obtained by the conventional T-W method using ¢= either 30 ° or 45° (Fig. 5-5b). The modified
T-W method yields reasonable earth pressure, which is always between those obtained by the convention-
al T-W method using either gpeak OF dresidual-

Fig. 5-5a compares the failure planes in the reinforced backfill for which the global safety factor be-
comes the minimum against kyn=0.5 evaluated by different methods. The failure planes in the reinforced
backfill evaluated by the conventional T-W method using either ¢peak OF dresidual are similar to those for the
unreinforced backfill evaluated by the original M-O theory using either ¢peak O dresigqual. On the other hand,
the failure planes in the reinforced backfill evaluated by the modified T-W method using both ¢peak and
Oresidual are noticeably smaller. Fig. 5-5¢ compares the size of the failure zone, where L* is the total width
of two wedges on the backfill crest. The failure zone evaluated by the modified T-W method is consider-
ably smaller, but more realistic, than those obtained by the conventional T-W method using ¢pea. This
analysis shows that, when designed by the conventional T-W method using a conventional default soil
friction angle (such as dresiquar), relatively short reinforcement layers are judged to be ineffective in in-
creasing the wall stability. On the other hand, when designed by the modified T-W method, relatively
short reinforcement layers are judged to contribute significantly to the increase in the wall stability.
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Figure 5-5. Comparison of seismic-stability analysis of reinforced soil RW between the conventional method and the
modified T-W method assuming that first active failure develops when kn= 0.2; unfactored design tensile rupture
strength of reinforcement (Tq)o= 30 kN/m: a) wall structures with failure planes; b) ¢ values used in the analysis (di-
mensions are not to scale); c¢) the ratio of failure zone size at the crest to the wall height; and d) active earth pressure
coefficient (Tatsuoka et al., 1998).

For a typical GRS RW wall structure (Fig. 5-6a), Fig. 5-6b compares the safety factors for sliding and
overturning obtained by the modified T-W method using ¢peak and ¢resiqual OF type 2 soil (Table 5-3) as-
suming that the first failure planes develop when kn= 0.28 with those by the conventional T-W method
using either dpeak O Oresiqual. The failure planes obtained by the modified T-W method are depicted in Fig.
5-6a. The safety factor by the modified T-W method is always in between the values by the conventional
T-W method using either ¢peak OF dresidual.



d) peak: (’b ms:50 °
4 — d) psa/(: d) res :35 \
— o . 9
LL(/7 - d) pe;z/(750 ! d) 1'95735 Avd
0 250 Surcharge: 10 kPa 3 3
TV v 0V v v vy vy \i \
iiiiiiiii 2 2 QY 2 !
/" Sliding \\;\k ‘\ék
w0 1 AN 1 N\\A\
ol g I == | RN
5| 3 Soil type Il Sliding T“V‘ Ov?rturnl‘ng \(\V‘W
—EN° I
et 80 02 04 06 08 1080 02 04 06 0.8 1.0
2 F22=2 s nom) b) Horizontal seismic coefficient, k_

Figure 5-6. a) GRS RW with FHR facing and critical failure planes by modified T-W method; and b) results of stability
analysis: unfactored design tensile rupture strength of reinforcement (Tq)o= 30 kN/m; and the friction angle at the rein-
forcement/backfill interface (¢g) and the back and bottom of facing (dw)= ¢residqual OF the backfill (Horii et al., 1998).

5.6 No Creep Reduction Factor for Design Rupture Strength of Geogrid

The unfactored design rupture strength of geosynthetic reinforcement under long-term static loading con-
ditions, [(Td)o]static, is obtained by following Eq. 3-3b. The creep reduction factor, RFcg, is determined in
such that the long-term rupture strength (before applying the overall safety factor, (Fs)static) is equal to the
maximum load below which the creep failure does not take place until the end of 50 years. It is postulated
that the above condition is satisfied if the strain rate after 500 hours becomes smaller than 3.5 x 10%/h in
all three sustained loading tests of a given geosynthetic reinforcement type. On the other hand, the unfac-
tored design rupture strength used in seismic design, [(Td)o]seismic, IS obtained using RFcr= 1.0 for the
three reasons explained in Section 3.5.

The_unfactored design strength, [(Td)o]seismic, IS used to calculate the stability of a given GRS RW in
terms of the yield value of ki, (kn)y, at which the calculated global safety factor evaluated by limit equilib-
rium stability analysis becomes unity. Seismic residual displacement/deformation is computed for seismic
load pulses having kn larger than (kn)y by the Newmark method. Therefore, in design against Level 1
seismic load, the minimum required value of (kn)y is 0.3, which is (kn)o= 0.2 (the design value) times
(Fs)overan = 1.5, which is equal to a structural safety factor (= 1.25) times a material safety factor (= 1.25).
As (Tq)o has not been reduced by a material safety factor, the residual displacement/deformation by Level
2 design seismic load obtained by this procedure does not include the redundancy created if using
[(Ta)o]seismic divided by a material safety factor to obtain (kn)y. It is considered that it is not necessary to
create this redundancy in the seismic design using a very high design seismic load, Level 2.

5.7 Residual Deformation by Level 2 Seismic Load

The allowable residual deformation of a given soil structure is specified by the owner based on the criteria
shown in Table 5-1. For example, for performance ranks Il and I11, the ballasted track may allow a maxi-
mum residual settlement of 20 cm and 50 cm (RTRI, 2013d). The allowable lateral displacements at the
wall top are of the similar order. Residual deformation of GRS RW when subjected to Level 2 design
seismic load is evaluated by three failure modes: 1) sliding; 2) overturning; and 3) shear deformation of
the reinforced backfill are evaluated. The displacements by the first two modes are evaluated by the modi-
fied Newmark method based on the modified T-W stability analysis.

Referring to Fig. 5-7b, a T-W failure mechanism consisting of a set of failure planes for either sliding
or over-turning failure mode when kn= “(kn)y for shear deformation” is sought by using ¢peak. In the cur-
rent practice, “(kn)y for shear deformation” is assumed to be equal to L/(2H), where H is the wall height,
and L is the average geogrid length. “(kn)y for shear deformation” is usually lower than those for sliding
and over-turning failure modes. It is assumed that, in each of sliding and overturning modes, the T-W
mechanism that has developed when kn= “(kn)y for shear deformation” continues developing as kn further
increases. Then, the values of (kn)y for sliding and overturning modes are sought using ¢peak Outside the
failure planes and oresiqual inside the failure planes. In each failure mode, residual displacement takes place
once ki exceeds the respective (kn)y values. The time history of residual sliding displacement, 5, in each

mode is obtained by the double integration of § obtained from Eq. 5-2 with respect to time starting



when the safety factor Fr/Fp becomes unity (i.e. when kn becomes (kn)y) and ending when the velocity &
becomes zero:

M-§=F,-F, (5-2)

where M is the mass of sliding region (i.e. the facing and region OPRS in Fig. 5-7a that are assumed to be
a monolith); Fp and Fr are the horizontal components of sliding force and resistance of this monolith.

Referring to Fig. 5-7c, the residual rotational angular displacement of the wall, 0, is obtained in the
similar way as above by the double integrating of & obtained from Eq. 5-3 with respect to time starting
when the safety factor Mr/Mp becomes unity and ending when the velocity @ becomes zero:

J6=Mp-Mpg (5-3)

where Mp and Mr are the overturning moment and the resisting moment, both defined about the center of
the bottom of the FHR facing.

Referring to Fig. 5-7d, the residual shear displacement at the wall crest, utwp, IS Obtained as y+H, where
v is the residual shear strain of the reinforced backfill zone, which develops only when kx exceeds a given
yield value (kn)y for shear deformation. An equation to evaluate vy is obtained by assuming that the exter-
nal work done by seismic load is equal to the internal work done by the shear deformation of the rein-
forced backfill zone having a length equal to L.

F block B block

Design ground Hi,
surface (ignoring ¢
the embedment \’i“ K, P

of facing) £
: ();) | ‘(,')
R“’t- Oy R

0 S

c)
Figure 5-7. Evaluation of residual deformation of a typical GRS RW having staged constructed FHR facing: a) force
components considered in the modified T-W method; b) sliding along failure planes; ¢) overturning about the center

of the bottom of FHR facing; and d) shear deformation of reinforced backfill zone.

The residual horizontal displacements at the crest of wall due to sliding and overturning decrease by ar-
ranging a couple of long geosynthetic reinforcement layers at high levels, as shown in Fig. 5-7a. In the
current practice, the tail ends of these long geogrid layers are located at a line extending from the heel of
the facing at an angle equal to dresiqual relative to the horizontal. Therefore, these long geogrid layers be-
come longer with a decrease in ¢residqual, Which results in an increase in “(kn)y for shear deformation”.

Fig. 5-8a shows the yield kn values, (kn)y (i.e. kn when the safety factor becomes unity) for a GRS RW
structure shown in Fig. 5-6a having well-compacted backfill of the four different soil types listed in Table
5-3. Fig. 5-8b shows the residual lateral displacement at wall top obtained by using a typical time history
of horizontal acceleration recorded on the ground surface recorded during the 1995 Great Kobe Earth-
quake. The residual wall deformation decreases with an increase in the quality of backfill. This result en-
courages not only better backfill compaction but also the use of higher quality backfill in an effort to con-
struct GRS RWs having a high seismic stability.
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5.8 Recommendation of GRS Structures

As a whole, it is highly recommended to employ GRS structures when and where relevant and feasible:
i.e. 1) embankments with backfill reinforced with geosynthetic in place of conventional type embank-
ments; 2) GRS RWs with FHR facing in place of conventional cantilever RWs; 3) bridge abutments of
GRS RWs with FHR facing in place of conventional bridge abutments with unreinforced backfill; and 4)
GRS integral bridges (explained later) in place of conventional simple-supported bridges. In fact, it is ex-
tremely difficult to cost-effectively design conventional type soil structures against Level 2 seismic load.
When the backfill is well-compacted and its effect on the design shear strength of backfill is taken into
account (as described above), GRS structures become a much more cost-effectively solution.

5.9 Analysis of Seismic Stability of Tanata Wall

The relevance of the current seismic design described above is examined below by analyzing the seismic
performance of Tanata wall, a GRS RW having FHR facing that survived the 1995 Great Kobe Earth-
quake (Figs. 2-2).
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Figure 5-9. Typical section (H=5.3 m) of Tanata wall (shown in Fig. 2-2a) if designed following the standard practice.
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Table 5-4.  Six models for seismic stability analysis of Tanata wall.

Wall model 1 2 3 4 5 6

Soil strength & toe Old code New code Dpeak & Pres With Dpeak & Pres With New code New code

resistance (TR) c=5kPa & TR c=10kPa & TR with train load

Geogrid layers Actual arrangement with Tanata wall (without long layers) Standard practice with long layers

wall height, H (m) 53 6 53 | 6 [ s3] 6 | 53 | 6 53 | 6 | 53 [ s

®pea (deg.) 35 50

Dresiaua (deg.) 35 35

¢ (kPa) 0 5 | 10

Toe resistance No Yes (D= 0.5 m) No

Train load No Yes

(Failure mode) (kn)y: yield horizontal seismic coefficient

Sliding 0.414 0.371 0.446 0.401 0.614 | 0.548 0.773 0.686 0.567 0.505 0.544 0.479

Over-turning 0.636 0.550 0.649 0.565 0.678 | 0.594 0.673 0.595 0.823 0.711 0.860 0.697

Shear deformation 0.248 0.219 0.248 0.219 0.248 | 0.219 0.248 0.219 0.275 0.260 0.275 0.260

(Failure mode) O (cm): residual lateral displacement at wall top by Level 2 design seismic load for ground conditions G2/ G3

Sliding 15.5/ 24.471 9.77/ 16.07/ | 3.54/ 5.45/ 0.83/ 2.02/ 5.01/ 7.38/ 5.25/ 7.85/
13.58 21.93 7.99 14.22 1.6 2.94 0.07 0.63 2.61 4.4 2.87 5.24

Over-turning 3.04/ 5.89/ 2.61/ 4.81/ 1.95/ 3.81/ 2.03/ 3.79/ 0.4/ 1.78/ 0.18/ 2.06/
1.25 3.19 1.03 2.52 6.4 1.85 0.69 1.84 0.0 0.45 0.0 0.58

Shear deformation 1.73/ 2.46/ 1.73/ 2.46/ 1.73/ 2.46/ 1.73/ 2.46/ 1.46/ 1.23/ 1.73/ 2.26/
1.64 2.34 1.64 2.34 1.64 2.34 1.64 2.34 1.35 1.83 1.6 2.13

Total 20.27/ | 32.82/ | 14.11/ 23.34/ | 7.22] 8.27/ 459/ 8.27/ 6.87/ 10.39/ | 7.16/ 12.17/
16.47 27.46 10.66 19.08 3.88 7.13 2.4 4.81 3.96 6.68 4.47 7.95

Two sections of Tanata wall are analyzed where a total wall height H is equal to 4.5 m (reinforced
backfill) + 0.8 m (ballast) = 5.3 m (Fig. 2-2a) and H= 6 m (the tallest section). In both cases, the basic ge-
ogrid length is 2.5 m. In all the analysis, an unfactored design rupture strength of geogrid, [(Ta)o]seismic
equal to 30 kN/m is used to obtain the value of (kn)y of the respective models. The density of the backfill,
p, is 19.6 kN/m®; and the friction angle between the facing and the soil is equal to dresiqual OF the backfill
(i.e. 35°). For each wall height, the following six wall models were analyzed (Table 5-4 and Fig. 5-10):
Model 1: This model (Figs. 5-10 a & c) has the actual wall structure (Fig. 2-2a). This model lacks long

geogrid layers that would have been arranged as shown in Fig. 5-9 and Figs. 5-10 b & d to increase the

wall stability if the standard practice had been followed. These long geogrid layers were not arranged
in this particular wall, because the nearest railway track in operation should have been closed if they
had been arranged. It was also considered at the design stage that severe earthquakes would not take
place in the area where this wall was constructed. ¢= 35° with c¢= 0 is used as in the original design by
following the old seismic design code. The bearing capacity at the foundation of the facing is evaluated
for the ground conditions: p= 17.4 kN/m?; ¢= 33.4°, and c= 0. The old seismic code requires only that
the minimum overall safety factors for sliding and over-turning obtained by the limit equilibrium sta-
bility analysis is 1.5 against (kn)¢= 0.2. Residual deformation by Level 2 seismic load of model 1 is



evaluated following the current seismic design code, although this analysis is not required by the old

code.

Model 2: Under otherwise the same analysis conditions as model 1, ¢peak= 50° and dresidua= 35° (Table 5-
3) are used following the current seismic design code.

Models 3 and 4: Under otherwise the same conditions as model 2, c= 5 kPa (model 3) and 10 kPa (model
4) with a toe resistance by the embedded portion of the facing with a depth D of 0.5m are introduced.
The passive earth pressure at the embedded portion of the facing is calculated using a friction angle be-
tween the facing and the soil equal to (¢resiqual OF S0il)/2= 17.5°. The bearing capacity at the foundation
of the facing is evaluated for the ground conditions: p= 17.4 kN/m?; $=33.4° and c= 5 kPa (model 3)
or 10 kPa (model 4).

Model 5: Under otherwise the same conditions as model 2, following the standard practice, two long ge-
ogrid layers are arranged (Figs. 5-10 b & d).

Model 6: Under otherwise the same conditions as model 5, train load is applied on the backfill crest.

Two seismic waves for two ground conditions G2 (« max= 924 gal) and G3 (a max= 779 gal) among
those listed in Table 5-2 are used. These amax Values are the two largest values among those for the eight
different ground conditions listed in Table 5-2 while being similar to the value recorded at Higashi Nada,
2 km west from Tanata site. No amplification of response acceleration in the wall is considered.

Model 1 (H= 5.3 m; G2 ground condition), sliding
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Figure 5-11. Typical Newmark analysis of sliding for model 1 (H= 5.3 m; G2 ground condition).

Fig. 5-11 shows a typical sliding analysis. In Table 5-4, (kn)y is the yield ki value in the respective fail-
ure modes. Figs. 5-12a and b show the (kn)y values for the three failure models of the six wall models.
“(kn)y for shear deformation” is smallest among the three failure modes. It is assumed that the first T-W
failure mechanism in each of sliding and overturning failure modes develops at this kx value, which con-
tinues developing as kn further increases. Figs. 5-13a and b show the lateral outward displacements at
wall top, 6 (cm), in the respective failure modes and their total values. Although the evaluation of 6 is rel-
evant only with models 2 through 6 (having dpeak > dresiqual), the same procedure is applied to model 1
(having ¢peak = dresiduat). The following trends may be seen from Figs. 5-12 and 5-13:

1) With all the models, the wall becomes less stable with an increase in the wall height H and with an in-
crease in the seismic load, as expected.

2) The values of (kn)y are generally lower than the amax/g values of Level 2 design seismic load. Yet, with
models 2- 6 (H= 5.3 m) and models 3 — 6 (H= 6 m), the total 5 value is lower than the allowable limit
for rank 2 performance required with this wall (20 cm). Here, it is assumed that the allowable limit of
settlement at the wall crest is the same as the allowable limit of lateral displacement at the wall top, o.
In the design using Level 2 seismic load, although the redundancy in respect of dynamic ductility is
not included, it is more realistic therefore relevant to evaluate the seismic wall stability based on dis-
placements in relation to an allowable limit than based on (kn)y values in relation to the design seismic
load (kn)d. In the latter method, the determination of the ratio of (kn)q to the design value of amax/g is
always arguable. A too low ratio is unsafe, while a too high ratio creates too much redundancy.

3) When following the old code, model 1 (H= 6 m), using ¢= 35° is judged to be stable, as both (kn)y
values for sliding and over-turning are larger than a required minimum value equal to 0.3: i.e. (Kn)d.1



4)

5)

6)

7)

8)

(= 0.2; Level 1 design seismic load) times a safety factor (=1.5) (Fig. 5-12). In the old code, the shear
deformation failure mode is not examined. If only the seismic load is increased to Level 2, the total 6
for H= 6 m becomes noticeably larger than the observed value (26 cm) (Fig. 5-13b). This result indi-
cates that a combination of the use of a default ¢ value= 35° following the old code and the use of
Level 2 seismic load following the new code is conservative, creating some large redundancy. It is
considered that this feature is unnecessary in the seismic design using such very high seismic load as
Level 2.

Model 2 (using dpeak= 50° & dresidua= 35° according to the new code) is more stable than model 1. Yet,
when following the new code, the stability against Level 2 of the wall is judged to be insufficient, as
the total 6 value for H = 6 m reaches the allowable limit (20 cm), while the result for H= 5.3 m is
marginal (Fig. 5-13). If the wall had been designed following the standard practice, the structure
would have become that of model 5 (having two long geogrid layers). The different performances of
models 2 and 5 indicate that a couple of long geogrid layers at high levels of the wall significantly in-
crease the wall stability. It is seen that Tanata wall would have exhibited much smaller displacements
than observed if it had two long geogrid layers as model 5. Model 5 is judged to be stable enough not
only when following the old code, but also when following the new code as the total & value for H= 6
m is much lower than the allowable limit.

The different judgments with respect to the seismic stability of model 2 obtained by following the old
and new codes shown in 4) above indicate that the new code is slightly more conservative than the old
code, while being more realistic than the old code. This means that the GRS RWs designed following
the old code is slightly less stable than those designed by the new code. Yet, most of the walls de-
signed following the old code had a couple of long geogrid layers as model 5, unlike Tanata wall.
Therefore, the walls designed following the old code can satisfy the seismic stability required by the
new code.

The different performances of models 1 and models 2 - 4 suggest that the fact that Tanata wall was
able to survive a seismic load significantly higher than the design load used in the old code (Level 1)
is due to not only an explicit safety margin by a calculated safety factor equal to 1. 5 but also several
redundancy components involved in the original design following the old code (i.e. assuming c= 0,
underestimating of ¢, ignoring of toe resistance and others). In fact, the total & value by Level 2 seis-
mic load decreases from a value of model 1 larger than the observed value to smaller values by taking
into account the redundancy components not considered with model 1: i.e. by increasing the ¢ value
(model 2) and further by adding c= 5 kPa and 10 kPa and toe resistance (models 3 and 4). The total &
value for H = 6 m of model 2 is similar to the observed value (26 cm). These results suggest that the
stability analysis becomes more realistic if the redundancy components ignored in the old design can
be properly taken into account. However, it is hard to accurately back-calculate the actual amount of
these redundancy components due to several approximations and uncertainties in the analysis. That is,
dpeak= 50° and dresiquai= 35° used in this analysis are the current default design values (Table 5-3) and
could be somehow different from the actual shear strength of the backfill at the time of the earthquake.
It has been very difficult to evaluate the shear strength of the backfill inside the wall, as the wall has
been continuously in service. Besides, the input motions used in the analysis are those specified in the
new code, which must be somehow different from the actual one, while a possible amplification of re-
sponse acceleration in the wall is ignored.

The effects of apparent cohesion, c, on the results are significant as seen from an increase in (kn)y and
a decrease in 8 with an increase in ¢ from 5 kPa (model 3) to 10 kPa (model 4). The major part of the
increase in (kn)y and the decrease in & from model 2 (c= 0 without toe resistance) to model 2 (c=5 kPa
with toe resistance) is also due to an increase in c. These results indicate that, if the use of an apparent
cohesion in seismic design is allowed, this value at the time of design earthquakes is required to be
accurately evaluated. However, it is not possible. The authors consider that it is wise and relevant to
ignore apparent cohesion in both static and seismic design of newly constructed walls. It is to be noted
that GRS RWs designed following the current code (i.e. models 5 and 6) still have some redundancy
created, at least, by ignoring apparent cohesion and toe resistance and by under-estimation of the rup-
ture strength of geogrid.

The stability of model 6 (applying train loads to model 5) is only slightly lower than model 5, show-
ing insignificant effects of train load.
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Figure 5-13. Lateral displacement at wall top, , of six models of Tanata wall (H=5.3m & 6 m).

In summary, the results of the analysis presented above indicate the following:

Although the GRS RWs having FHR facing at Tanata and other places did not collapse during the
1995 Great Kobe Earthquake, Tanata wall exhibited deformation/displacement close to the allowable
limit for rank 2 performance level to be required with this wall. If this wall had not been seismic-
designed by following the old seismic design code (using Level 1 seismic load), the wall would have
exhibited deformation/displacement much larger than the allowable limit. In that case, the restoration
of the wall would have become much more costly and time-consuming.

The fact that “actual seismic performance of the GRS RWs walls, including Tanata wall, during this
very severe earthquake was better than expected based on the seismic stability evaluated in the origi-
nal design” 1s due likely to the redundancy that was ignored.

Compared with the old design code for this GRS RW type, the current seismic design code employs
more realistic and higher seismic loads that are equivalent to the actual severe ones experienced dur-
ing this earthquake while manifesting some redundancy components ignored in the old code by using
more realistic ¢ values of backfill and evaluating the seismic stability based on defor-
mation/displacement. The new code is more consistent with the actual seismic behavior of these GRS
RWs therefore more realistic than the old code. The relevance of the new code was also demonstrated
by high performance of many similar GRS RW having FHR facing designed following the new code
during the 2011 Great East Japan Earthquake (Fig. 2-3). Tatsuoka et al. (1996, 1998) showed that the
construction cost of the GRS RW at Tanata was much less costly (by a factor of 1/3 — 1/2 per wall
length) than the one of a conventional cantilever RC wall adjacent to this wall, despite that the per-
formances of these two walls during this earthquake were similar. No doubt, the LCC of these GRS
RWs that are seismic-designed against Level 2 seismic load is much lower than the one of conven-



tional cantilever RWs that are not seismic-designed or are seismic-designed only against Level 1
seismic load.

4) When based on the above and the other facts described in this report, the authors cannot support the
no-seismic-design policy.

6 RESTORATION AND DISASTOR PREVENTION

6.1 Target Levels of Restoration and Reinforcing

It is always strongly required to restore as soon as possible the original function of soil structures that
failed/collapsed by earthquakes, as well as other natural disasters. The first issue is the level to which
these soil structures are to be restored. The conventional practice has been to restore the failed/collapsed
soil structures to their original structures (e.g. unreinforced embankment and cantilever RW). As most of
these failed/collapsed soil structures had not been seismic-designed and constructed by using old technol-
ogies, this practice means that restored soil structures may fail/collapse again when subjected to similar
seismic loads as those by which they failed/collapsed. Indeed, this restoring-to-original policy is con-
sistent with the no-seismic-design policy.

To improve the restoration practice, it is necessary while quite feasible to restore failed/collapsed soil
structures to those more seismic-resistant and less costly than before by following the up-dated seismic
design methodology while using latest cost-effective technologies, such as GRS technologies. In fact, a
number of conventional type embankments and cantilever RWs that collapsed by the 1995 Great Kobe
Earthquake and subsequent earthquakes were reconstructed to GRS structures (Tatsuoka et al., 1977,
1998; 2007; Koseki et al., 2006, 2008, 2012; Koseki, 2012), as shown below.

In high seismicity countries including Japan, there is an enormous number of soil structures that do not
satisfy the current safety standard thus do not have a sufficient seismic stability. Although the GRS tech-
nology is relatively new, many GRS structures are also so, as evident from many cases of failure/collapse
by earthquakes, as shown in Section 2.3. The second issue is how to prevent failure/collapse of these ex-
isting old soil structures by relevant seismic diagnosis and necessary reinforcing works prepared for
earthquakes in the future. When following the no-seismic-design policy, there are no sound reasons to
perform these projects. Even when they are performed responding to requests from the society, the crite-
rion and target of these projects cannot be specified adequately if based on the no-seismic-design policy.
Relevant practice of these projects is possible only when based on relevant seismic design codes. In that
case, the following points are important.

The stability under extreme conditions generally increases with an increase in the stability under ordi-
nary static conditions. Therefore, when assessing the seismic stability of existing soil structures including
GRS RWs, different from the seismic design for new construction, it is necessary to evaluate actual levels
of stability under current ordinary static conditions, which should be largely different even among those
designed and constructed by the same standard. More specifically, it is necessary to properly evaluate the
following items under current ordinary static conditions: 1) apparent cohesion, c, controlled by the current
value of S;, which may be significant as a result of good drainage as well as good compaction; 2) friction
angle of the backfill, controlled by the degree of compaction, D¢, of which the average should be higher
than the allowable lower bound in compaction control while being largely different even for the same
compaction criterion; 3) toe resistance, which may be largely different among different GRS RWs; 4) ten-
sile rupture strength of reinforcement, which may have been damaged during construction and deteriorat-
ed for a long period differently among different GRS RWs even for the originally same geogrid type; and
5) facing rigidity, which may be largely different among different facing types. For example, if the cur-
rent ground water level is high in the backfill therefore the current value of S; is very high under ordinary
static conditions, already the apparent cohesion may be negligible while positive water pressure may exist
in the backfill. In this case, failure/collapse during earthquakes in the future becomes more likely than
when no ground water level exists and Sy is low in the backfill under ordinary static conditions. In this
case, the first means to be taken is usually to decrease the S, value by installing relevant drainage.



6.2 Some Case Histories of Restoration to More Stable Soil Structures

A number of conventional type embankments and RWs that collapsed during the 1995 Great Kobe Earth-
quake were reconstructed to GRS structures, including GRS RWs having staged-constructed FHR facing
(Fig. 3-16). Fig. 6-1 shows the one typical of the above.

GRS RW with a staged-

— constructed FHR facing e + Nailedwall| ___+
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Figure 6-1. Leaning type RW of unreinforced concrete without a pile foundation between Setsu-motoyama and
Sumiyoshi stations that collapsed during the 1995 Great Kobe Earthquake (Tatsuoka et al., 1997a &b); a) cross-
section; and b) view of the collapsed wall; and c¢) cross-section; and d) view after restoration.

Fig. 6-2 shows one of the three railway embankments supported by gravity type RW on a slope that
collapsed during the 2004 Niigata-ken Chuetsu Earthquake and restored to GRS RWs having FHR facing.
This technology was adopted due to not only much lower construction cost and much higher stability (in
particular with these soil structures on steep slopes), buy also much faster construction resulting from a
significant reduction of earthwork when compared to the original gentle-sloped embankments.

After remedy work:
GRS-RW with a FHR facing; slope: 1:0.3 (V:H); Railway
height= 13.2 m, vertical spacing of geogrid= 30 cm (Jo-etsu line)

Before failure: sand backfill including
round-shaped gravel on sedimentary soft
rock (weathered, more at shallow places)
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Figure 6-2. Railway embankment that collapsed during the 2004 Niigata-ken Chuetsu Earthquake and its restoration to a
GRW RW having FHR facing: a) cross-sections before and after collapse compared with the one after restoration; b) view
during construction; and c) the first train on the wall (Morishima et al., 2005).



During the 2011 Great East Japan Earthquake, a great number of old embankments and RWs that had
not been designed and constructed following the current seismic design codes collapsed. Several of them
were reconstructed to GRS RWs with FHR facing, as typically shown in Fig. 6-3. A very fast construc-
tion is one of the important advantages of this technology as in this case. In particular, the railway was re-
opened at a restricted speed before constructing a FHR facing (Fig. 6-3b) and this emergency restoration
work was the first step of the permanent restoration work by constructing FHR facing. Fig. 6-4 shows one
of the three embankments that collapsed during an earthquake induced one day after the 2011 Great East
Japan Earthquake and restored to GRS RWs with FHR facing. It is now the standard practice to restore
conventional type RWs and embankments for railways that collapsed by earthquakes to GRS RWs with
FHR facing.
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Figure 6-3. a) Collapse of a wing RW with masonry facing of a bridge abutment (Nagamachi, Sendai for Tohoku Freight
line); and b) & c) restoration to a GRS RW (by the courtesy of the East Japan Railway Co.).

Railway track
(liyama line) H [Allunit in m]
\

N After failure (before
~ | reconstruction)

5,0

Mattress basket S. Welded |
Gravel N sfeel fabric

o f ™ 1
Stabilized soil i 10

2.0

Figure 6-4. One of the three embankments between Yokokura and Morinomiya stations, liyama Line, that collapsed during
the Nagano-Niigata Border Earthquake and restoration to GRS RWs (by the courtesy of the East Japan Railway Co.).

6.3 Sanriku Railway

6.3.1 Damage by Tsunami during the 2011 Great East Japan Earthquake

The girders and/or approach fills of a great number of conventional type bridges for roads and railways
(more than 340), including those of Sanriku Railway (see Fig. 3-16d for the location), were washed away
by the great tsumani during the 2011 Great East Japan Earthquake (Kosa, 2012). The girder supported by
bearings exhibited very low resistance against uplift and lateral forces of tsunami current while the unre-
inforced backfill was quickly eroded by overtopping tsunami current. The connectors and anchors ar-
ranged to prevent dislodging of the girders from the abutments and piers by seismic loads could not pre-
vent the flow away of the girders. These cases showed that the girder bearings and unreinforced backfill



are the two major weak points of the conventional type bridges for both seismic loads and tsunami loads.
The results of small scale model tests (Kawabe et al., 2013; Yamaguchi et al., 2013) supported these fea-
tures.

Sanriku Railway was opened 1984 and is running along the coastline where the tsunami damage was
very serious during the 2011 Great East Japan Earthquake. The railway had been constructed at a relative-
ly high altitude to prevent tsunami damage based on the previous tsunami disasters in 1896 and 1933 in
that area. However, the tsunami this time was much higher than these previous events and the damage
was very serious. In particular, three bridges located between tunnels in three narrow valleys facing the
Pacific Ocean were totally washed away (Fig. 6-5). This was because, at these three sites along this rail-
way: a) the track level was lowest (12.3 — 14.5 m); b) the track was closest to the coastline; and c) there
was no coastal dyke between the railway and the coastline. In the restoration works of Sanriku Railway,
the GRS technology was extensively employed. In particular, the three bridges were restored to GRS in-
tegral bridges as shown below. The railway was reopened on 6™ April 2014.

Figure 6-5. Three bridges for Sanriku railway washed away by tsunami during the 2011 Great East Japan Earthquake:
a) Haipe; b) Koikorobe; and ¢) (from inland) & d) (from seaside) Matsumae-gawa adjacent to Shimanokoshi Station: at
the end of March 2011; see Fig. 3-16d for the locations of these sites (by the courtesy of Japan Railway Construction,
Transport and Technology Agency).
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Figure 6-6. Several serious drawbacks of conventional type bridge (Tatsuoka et al., 2005, 2008a & b).



6.3.2 GRS Integral Bridge
A conventional type bridge comprises either a single girder simple-supported by a pair of abutments via a
pair of movable and fixed bearings, or multiple girders simple-supported by a pair of abutments and a
single or multiple pier(s) via multiple sets of bearings. The approach is unreinforced backfill. This bridge
type has the following basic drawbacks (Fig. 6-6). Firstly, the bearings are costly in construction and
long-term maintenance. Secondly, the abutments are massive and pile foundations are necessary, because
the abutments are cantilever structures supported at their bottoms. This drawback becomes more serious
at an increasing rate as the abutments become taller. Thirdly, the bearings and unreinforced backfill are
vulnerable to seismic and tsunami loads. As a result, a great number of conventional type bridges
failed/collapsed during many earthquakes in the past. Fourthly, large bumps may develop immediately
behind abutments by depression of the unreinforced backfill accelerated by displacements of the wing
RWs and the abutment gradually during a long period of service and suddenly during severe earthquakes.
To alleviate these drawbacks, a new bridge type, called GRS integral bridge, has been developed (Fig.
6-7; Tatsuoka et al., 2008a & b, 2009, 2012; Munoz et al., 2012). A GRS integral bridge comprises a con-
tinuous girder integrated to a pair of FHR facing (i.e. abutments) without using bearings and the backfill
is reinforced with geosynthetic layers connected to the facing. Fig. 6-7¢c shows a two-span GRS integral
bridge having a central pier. GRS integral bridges are staged-constructed basically following the method
for GRS RWs having FHR facing (Fig. 3-16). 1) If the supporting ground is not sufficiently stiff and
strong, the zones below the facings and their adjacent zones are improved, for example, by shallow ce-
ment-mixing in-place. 2) A pair of GRS walls with the wall face wrapped-around with geogrid rein-
forcement are constructed. 3) After major deformation of the subsoil and backfill has taken place, thin RC
abutments (i.e. FHR facings) are constructed by casting-in-place fresh concrete on the wall face wrapped-
around with geogrid reinforcement so that the reinforcement layers are firmly connected to the facings. 4)
A girder is constructed structurally integrated to the top of the facings.
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Figure 6-7. GRS integral bridge: a) elevation; and b) plan (the numbers show the construction sequence); and ¢) two-span
GRS integral bridge

The advantages of GRS integral bridge over conventional type bridges are as follows. Firstly, the con-
struction and maintenance of bearing becomes unnecessary. Secondly, the RC abutments (i.e. the facings)
are more slender, as they are not a cantilever structure but they are supported by many reinforcement lay-
ers at the back The RC girder is also more slender due to a significant reduction (by a factor of about 0.5)
of moment resulting from flexural resistance at the connection between the girder and the facing and



shorter because of direct integration to the facings. Thirdly, the settlement in the backfill immediately be-
hind the facings and the structural damage by cyclic lateral displacements at the top of the facing caused
by seasonal thermal expansion and contraction of the girder become negligible. The seismic stability also
increases significantly with negligible bump immediately behind the facings due to an increased structural
integrity and a reduced weight of the girder and facings. The formation of bump by traffic loads is also ef-
fectively prevented. Fourthly, due to a smaller cross-section of the girder and a high structural integrity,
the resistance against tsunami loads increases significantly. These features were confirmed by various
model tests and numerical analysis. A full-scale model was constructed at Railway Technical Research
Institute during a period of 2011 — 2012 (Koda et al., 2013). A very high stability of GRS integral bridge
was confirmed by applying design thermal deformation of the girder and Level 2 design seismic load to
the girder of the model three years after its construction. The current seismic design method is described
in Yazaki et al. (2013).

The first GRS integral bridge was completed in 2012 as an over-road bridge at Kikonai for a new high
speed train line, Hokkaido Shinkansen (Fig. 6-8; see Fig. 3-16d for the location). As this is the first proto-
type and as this is for a high speed train line, its high stability is being and will be confirmed by monitor-
ing the behavior continuously from the start of construction until the start of service (scheduled to be
April 2016) (Kuriyama et al., 2012). The observations so far of strains in the steel reinforcement in the
RC structures and the geogrid, the displacements of the RC structures and the backfill and earth pressures
at representative places indicate that the structure is not over-stressed at all and any harmful deformation
has not taken place. More details are described in Tatsuoka et al. (2014a & b).
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Figure 6-8. GRS integral bridge at Kikonai, Hokkaido Shinkansen (see Fig. 3-16d for location of the site).

6.3.3 Restoration of Three Bridges for Sanriku Railway

The railway engineers in charge of restoration of Sanriku Railway and its long-term maintenance restored
the three collapsed bridges to GRS integral bridges, because GRS integral bridges are much higher re-
sistant against both seismic and tsunami loads while less costly in construction and long-term mainte-
nance than conventional type bridges. Figs. 6-9 and 6-10 show two GRS integral bridges with a total span
length of 60 m and 40 m constructed to restore two two-span bridges having simple-supported girders that
fully collapsed by tsumani. Figs. 6-11a and b show the area around the previous Shima-no-koshi Station
before and immediately after the earthquake. Although the level of the railway track at the site was about
14 m from the sea level, the tsunami was much higher (22 — 23 m) and the tunnel was inundated (Fig. 6-
11c). The RC framework structure totally collapsed and the station was totally washed away. On the re-
quest of the residents at the site, GRS embankment was constructed as a tsunami barrier in place of the
previous RC framework structure (Figs. 6-12a, b and c). To increase the seismic stability of the embank-
ment and to prevent erosion of backfill by over-topping tsunami current, following the results from model
tests (‘Yamaguchi et al., 2013), both slopes of the embankment were covered with lightly steel-reinforced
concrete facing firmly connected to the geogrid layers reinforcing the backfill. Fig. 6-12c shows a view of
the embankment with part of the facing under construction. Figs. 6-12d and e show a GRS integral bridge,
which is overlain by a backfill layer to reduce as much as possible the size of the opening. At the time of
reopening (6™ April 2014), part of the facing of the embankment overlying the GRS integral bridge span-
ning over a river was still under construction (Fig. 6-12e).
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Figure 6-9. GRS integral bridge at Haipe, Sanriku Railway: a) elevation from the inland; and b) view on the day of re-
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Figure 6-10. GRS integral bridge at Koikorobe, Sanriku Railway: a) elevation from the inland; and b) view on the day of re-
opening (6" April 2014).
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Figure 6-11. Shimano-koshi Station area, Sanriku Railway (see Fig. 3-16d for the location) seen: a) from the seaside before

the earthquake; b) immediately after the earthquake seen from the inland, 30 March 2011; and c) from the seaside, 14 July
2013.
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Figure 6-12.  Shimano-koshi Station area, Sanriku Railway:

of GRS embankment; ¢) the embankment with the facing under construction seen from the inland, 20 May 2014; and d) & €)
structures of GRS integral bridge over Matsumae river (e: 61 April 2014) (a, d & e: seen from the seaside).

7 CONCLUDING REMARKS

Many retaining walls (RWs) that had not been seismic-designed did not collapse during many previous
earthquakes. This fact cannot be explained only by explicit safety margin (i.e. a calculated safety factor
larger than unity in static design), but implicit safety margin (i.e. redundancy in design) is also necessary.
With GRS RWs, significant redundancy can be created in design by: 1) ignoring apparent cohesion; 2)
underestimating soil friction angle; 3) ignoring toe resistance; 4) underestimating the contribution of rigid
facing; and 5) underestimating the rupture strength of geogrid. However, the redundancy components 1) —
4) are usually not controlled and are random, therefore are not reliable to be taken into account in design.
Poor design and poor construction (in particular, inadequate arrangements of geosynthetic reinforcement,



poor drainage, poor compaction, inadequate facing structure with poor connection and poor treatment of
weak supporting ground) may have decreased substantially the redundancy. The redundancy also de-
creases by losing apparent cohesion during heavy/prolonged rains and toe resistance by scor-
ing/excavation in the ground in front of wall, by too fast deterioration of reinforcement etc. As a result,
the number of failure/collapse increases. In fact, a number of mechanically stabilized earth (MSE) RWs,
including GRS RWs, failed/collapsed during not only extreme but also non-extreme events.

The experience of “performance better than expected based on the seismic stability evaluated in de-
sign” of RWs observed under limited conditions cannot be generalized to such a no-seismic-design policy
under rather broad condition as that seismic stability analysis is not required if design seismic load is low-
er than a certain level (e.g. amax/g= 0.4) or if RWs are lower than a certain height (e.g. H= 8 m). Such a
no-seismic-design policy as above reduces the explicit safety margin, which levels down the stability of
soil structures increasing the number of failure/collapse. Moreover, when seismic design is not carried
out, the design and construction tends to become less careful than when seismic design is carried out, re-
ducing redundancy. In any case, the no-seismic-design policy does not contribute to a reduction of the
failure/collapse of RWs, in particular MSE RWs including GRS RWs.

If setting the design strength of geosynthetic reinforcement equal to the average of the reinforcement
tensile forces measured in many similar GRS RWSs under ordinary static conditions, the actual safety fac-
tor substantially decreases from the values obtained by the ordinary seismic design ignoring the redun-
dancy components. This is because the measured forces do not include seismic effects, while they have
become smaller by actual effects of apparent cohesion, high friction angle, toe resistance etc. than the or-
dinary design values. Therefore, this design method is much more un-conservative than the ordinary
seismic design.

To construct GRS RWs that are actually sufficiently stable against seismic loads exhibiting sufficiently
small residual deformation, good structure, good design and good construction are firstly required. To this
end, it is necessary to properly evaluate the seismic stability by using realistic design seismic loads. At the
same time, it is necessary to explicitly and properly take into account and control in seismic design the
redundancy components produced by good structure, good design and good construction to resist against
design seismic loads. This method encourages these good practices, although it reduces the redundancy.
Some examples of this method are: 1) the use of more realistic ¢ values higher than conventional default
values with actually well-compacted backfill; 2) consideration of the contributions of facing rigidity with
actually rigid facings; 3) no creep reduction to obtain the design rupture strength of geogrid; and 4) evalu-
ation of seismic stability based on residual deformation. Yet, to keep low the risk of failure/collapse of
GRS RWs by unusual extreme events that may take place in the future but cannot be foreseen at the stage
of design, it is relevant to maintain some redundancy by ignoring apparent cohesion and toe resistance in
seismic design.

In accomplishing the above with GRS RWs, it is also important to show that the additional cost for
seismic design can be lower and more valuable than the cost by failure/collapse that may take place due
to no-seismic design. Besides, an increase in the actual stability by relevant seismic design improves
long-term performance by decreasing residual deformations, therefore reduces the maintenance cost. Im-
portantly, the life cycle cost for GRS RWs properly designed against realistic high seismic loads can be
lower than that for conventional type RWs that are not seismic-designed.

In diagnosis of the seismic stability of existing soil structures including GRS RWs and associated rein-
forcing works, it is necessary to distinguish among soil structures actually having different seismic stabili-
ties. To this end, it is necessary to assess as realistically as possible the current stability under ordinary
static conditions. With a given existing soil structure, unlike the design for new construction, current
available soil shear strength (which is a function of actual degree of compaction and current degree of
saturation controlled by current drainage effectiveness), current available tensile strength of reinforce-
ment together with current available connection strength, current toe resistance, current facing conditions
and so on should be evaluated as accurately as possible. The no-seismic-design policy is not helpful in
preparing the relevant guidelines, targets and criteria required to properly organize and execute these pro-
jects.
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